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PREFACE  

The hosting of the 22nd European Young Geotechnical Engineers Conference 2012 has proudly been 
undertaken by the Swedish Geotechnical Society (SGS). We formed an organization committee, led by 
the Vice President of the SGS – Mrs Victoria Svahn, who has done an incredible job in collaborating 
with the Swedish geotechnical elite both regarding co-members of the organization committee as well 
as the members of the scientific committee and keynote lecturers.  

The aim of the conference is to be a social forum where young geotechnical engineers can meet and 
exchange ideas. It is also a possibility for us to show Sweden and give you some insight in what’s go-
ing on here when it comes to infrastructure projects and geotechnical research. 

As the President of the SGS I would like to thank all of you involved in this conference for your time 
and efforts in making this a memorable event for all participants. The keynote lecturers Prof Ivan 
Vaní ek, Prof Stefan Larsson and Prof Minna Karstunen are thanked for their presentations on interest-
ing topics. Also, many thanks to all authors for their contribution and making the conference possible.  

The SGS would sincerely like to thank the scientific committee (who is also the session leaders of the 
conference) who has reviewed all published papers and helped achieve quality. For the proceedings the 
papers have been organized in the following sections: 

Site investigation and laboratory testing 
Shallow and deep foundations 
Deep excavations and retaining structures 
Tunnelling and underground structures 
Design parameters and modelling 
Infrastructure projects 
Ground improvement 
Slope stability and landslides 

The SGS invites you to Gothenburg, situated on the west coast of Sweden. It’s a strategic choice not 
only for the good communications but also because of the interesting geological situation with clay 
depths of up to 100 m, quick-clay areas and the birth place of the world wide famous geotechnical sta-
bilization analysis method – the semi-circular analysis by Prof Fellenius. 

With those words I would like again to welcome you to the 22nd EYGEC 2012! Please take the oppor-
tunity to find new international colleagues within the geotechnical field and learn a bit more about the 
other participant’s work. Perhaps your expertise could be used in some of the large infrastructure pro-
jects going on right now in Sweden? 

 
Yours sincerely, 

 
 

Stefan Aronsson - President of the Swedish Geotechnical Society 
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PREFACE  

Dear young professional colleagues. You are attending the 22nd European Young Geotechnical Engi-
neers Conference the tradition of which started at Copenhagen in 1987. From the last ones the meet-
ings in Gyor – Hungary (2008), Brno-Czech Republic (2010) and Rotterdam – The Netherlands (2011) 
can be mentioned. From this long row only the last mentioned country, respectively the Netherlands 
National Society of the International Society on Soil Mechanics and Geotechnical Engineering, ar-
ranged this conference for the second time. 

The main intention of the ISSMGE was and is to get young geotechnical engineers from all around Eu-
rope together. Certainly the main aim of these conferences is to present new scientific achievements at 
individual countries to show, which directions of the research are preferred there. Nevertheless of the 
same importance is the second face of such activities so called networking – to discuss in friendly, free 
atmosphere the problems in individual countries, starting from the academical and scientifical ones and 
passing through political, cultural and sportive which are playing also important role for young engi-
neers.  These discussions, the exchange of own experiences are able only in chamber atmosphere; 
therefore the individual national societies should nominate basically two participants.  

Therefore I believe that the meeting here in Goteborg will help you to find new friends, new ideas 
about possible future cooperation. The elder colleagues, firstly from Sweden, are here to help you to 
better understand broader implication of the scientific problems about which you will be speaking 
within your presentations. 

Finally, I am wishing you enjoyable days in Goteborg and, I hope that the main aims of this meeting 
will be fulfilled and you will return safely back home with new ideas about your professional personal 
and or national developments. 

Please note that next year the International Conference of the Young Geotechnical Engineers will be 
arranged in France, Paris just before the 18th International Conference on Soil Mechanics and Ge-
otechnical Engineering, which will start on September 2nd 2013 to allow the young engineers to also at-
tend this most important ISSMGE activity. Therefore the next 23rd EYGEC will be arranged as far as 
in 2014.  The place was not fixed yet, so the national societies have still chance to apply for it and 
therefore you have below the history of all EYGEC. 

 
 

Ivan Vaní ek - Vice-President ISSMGE for Europe (2009 – 2013) 
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1 H. O. Ozhan. Asst. Prof., Istanbul Kemerburgaz University / Istanbul-Turkey, hakkiozhan@hotmail.com

1 INTRODUCTION 

Geosynthetic clay liners (GCLs) are preferred as 
environmental protection barriers in cover sys-
tems and base liners. Their main advantages are 
their low hydraulic conductivity, low cost and 
easiness of installation [1]. Generally, GCLs are 
used together with geomembranes at the bottom 
of landfills. However, in Turkey, GCLs are also
often used alone as lining materials in fresh water 
reservoirs. In such applications, the soil beneath a 
GCL might be anything from clay to coarse-
grained gravel. As the depth of water in those re-
servoirs increases, the pressure may push the 
GCL into the voids of the coarse gravel subgrade 
and in turn, causes the bentonite between the two 
geotextile layers to be extruded through the dam-
aged geotextile. Because of this interaction, the 
permeability may significantly increase [2]. This 
is called internal erosion. 

Hydraulic conductivity tests were performed 
on GCLs under high hydraulic gradients in order 
to evaluate the effect of subgrade type on internal 
erosion [3]. According to the test results, all of 
the GCL types placed over the gravel or geonet 

subgrade experienced internal erosion under high 
hydraulic heads ranging from 8 m to 45 m except 
the GCL with a scrim-reinforced nonwoven geo-
textile. However, when sand subgrade was used, 
none of the GCL types did suffer from loss of 
bentonite under hydraulic heads of up to 80 m. 

Results of the laboratory permeability tests 
[2] and [4] showed that an increase in particle size 
diameter of the material that was in contact with
the GCL caused more bentonite to extrude out of 
the GCL. However, internal erosion was not ob-
served during either research most likely due to 
very low hydraulic heads and short test periods. 

Consolidated-drained direct shear tests were 
conducted on thin layers of sodium and calcium 
bentonites [5]. According to the test results, the
shear strength of calcium bentonite was found to 
be approximately twice than that of sodium ben-
tonite. Although the hydraulic conductivity of 
calcium bentonite was measured one order of 
magnitude higher than that of sodium bentonite 
when water was used as the hydration and per-
meation liquid, calcium bentonite had an advan-
tage for applications in which shear strength was 
crucial. It was also shown that the hydraulic con-

Internal erosion of three different geosynthetic clay 
liners tested over a perforated base pedestal

H. O. Ozhan1

Istanbul Kemerburgaz University, Istanbul, Turkey
E. Guler

Bogazici University, Istanbul, Turkey

ABSTRACT

A geosynthetic clay liner (GCL) is a material composed of a thin layer of bentonite sandwiched between two layers of geotex-
tiles. Geosynthetic clay liners are being investigated in regard to their hydraulic properties, chemical compatibility, gas migra-
tion, mechanical behaviour and durability. In this study, three different geosynthetic clay liners placed over base pedestals with 
different sized uniform circular voids (with diameters of 20 mm, 15 mm, 10 mm and 5 mm) were tested in flexible wall per-
meameter under high hydraulic heads of up to 50 m. All of the three different GCLs were produced in the laboratory without 
needle-punching the geotextile components through the bentonite component. Test results show that internal erosion of a GCL 
under high hydraulic head is directly related to the void diameter of the perforated base pedestal placed beneath the GCL. Inter-
nal erosion also depends on the engineering properties of the geotextile component that is in contact with the perforated base pe-
destal. The geotextile component (nonwoven versus woven) of a GCL that has a higher tensile strength showed better resistance 
against internal erosion. Mass per unit area and deformability of the geotextile that is in contact with the perforated base pedestal 
also influence the resistance of the GCL against internal erosion. However, the results show that the type of the bentonite (so-
dium versus calcium) does not have a significant effect on internal erosion.

Keywords: Internal erosion, geosynthetic clay liner, perforated base pedestal, permittivity



ductivity of both granular and powdered sodium 
bentonite permeated with water was the same 
[5]. Having the same hydraulic conductivity 
makes it logical to compare the performance of 
the GCL with granular bentonite to the perfor-
mance of the GCL with powdered bentonite 
against internal erosion.  

The objective of the current research is to in-
vestigate the parameters that affect internal ero-
sion of geosynthetic clay liners that are used as 
lining materials in fresh water lagoons under 
high hydraulic heads. In order to better under-
stand the effect of various parameters, a base pe-
destal with circular voids was used instead of
natural gravel particles. 

2 MATERIALS 

Three different GCL samples were tested. All 
specimens were assembled in the laboratory 
without needle-punching the geotextile and ben-
tonite components. The first GCL is designated 
as GCL-A and it consisted of a natural, granular 
sodium bentonite between a woven slit-film po-
lypropylene geotextile (108 g/m2) and a nonwo-
ven needlepunched polypropylene geotextile 
(203 g/m2). For the second GCL (GCL-B), cal-
cium bentonite was sandwiched between the 
same woven (W1) and nonwoven geotextiles 
(N1) as used in GCL-A. The third GCL (GCL-C) 
was also assembled in the laboratory by using the 
same granular sodium bentonite between the 
same nonwoven geotextile as used in GCL-A
and a woven geotextile (W2) with a relatively 
higher tensile strength than the one used in GCL-
A. The engineering properties of the geotextile 
components used are listed in Table 1. 
Table 1. Engineering properties of the geotextile components 

Property Value
(N1)

Value
(W1)

Value
(W2)

Mass per Unit Area (g/m2) 203 108 210
Tensile Strength (kN/m) 15.4 12.2 44
Elongation (%) 45 10 15
Static Puncture Resistance (N) 490 310 5600

The bentonite used in GCL-A and GCL-B 
was a natural, granular, high-swelling Wyoming 
sodium bentonite. The geotechnical properties of 

the granular sodium bentonite are as follows: 
Swell Index=28 ml/2g; wLL=344%; wPL=36%. 
However, the bentonite used in GCL-C was a 
powdered calcium bentonite. The geotechnical 
properties of the calcium bentonite are as fol-
lows: Swell Index=20 ml/2g; wLL=141%; 
wPL=41%.  

2.1 Specimen preparation 

The same amount of bentonite was placed be-
tween geotextiles. The bentonite was wetted ho-
mogenously to create a bonding of the geotextiles 
to the bentonite. Details of specimen preparation
for GCL specimens are described in [6]. For the
powdered calcium, deionized water was a e
on the bentonite homogenously and when the
dispersed calcium bentonite platelets began to 
flocculate, the wetted bentonite was placed on
the nonwoven geotextile [6]. 

2.2 Base pedestal used beneath GCL  

Irregular subgrades such as natural gravel would 
make the evaluation of the effect of the void size 
difficult. Therefore, in order to simulate the natu-
ral subgrade, a new type of pedestal was devised. 
The base pedestal was a Plexiglas that had circu-
lar voids in it. To make the evaluation of differ-
ent void sizes on the permeability of GCLs easi-
er, spherical particles were considered and the
maximum size of circular void in between these
particles was predicted. In reality, the void was 
obviously not circular but by approximation, the
void could be taken as a circle. As a result, when 
uniform gravel with particle diameter of 50 mm
was considered, the maximum void diameter was 
estimated to be 20 mm. Similarly, for a uniform
grain size of 37.5 mm, 25 mm and 12.5 mm, the
maximum void diameter was 15 mm, 10 mm and
5 mm, respectively. Therefore, four Plexiglas 
bases with diameters of 100 mm and thicknesses
of 10 mm were prepared each with 20 mm, 15 
mm, 10 mm and 5 mm holes as shown in Figure 
1. 

All of the test configurations are shown in Ta-
ble 2. 



Figure 1. Perforated base pedestal with: (a) 20 mm, (b) 15 
mm (c) 10 mm and (d) 5 mm diameter holes. 

Table 2. Combinations of parameters of GCL 
GCL 
Type

Void 
Size

of Base
Pedestal 

(cm)

Geotextile 
Type in 
contact with
Base Pedestal

GCL-A-NW-D2 GCL-A 2 Nonwoven
GCL-A-W-D2 GCL-A 2 Woven
GCL-A-NW-D1.5 GCL-A 1.5 Nonwoven
GCL-A-W-D1.5 GCL-A 1.5 Woven
GCL-A-NW-D1 GCL-A 1 Nonwoven
GCL-A-W-D1 GCL-A 1 Woven
GCL-A-NW-D0.5 GCL-A 0.5 Nonwoven
GCL-A-W-D0.5 GCL-A 0.5 Woven
GCL-B-NW-D2 GCL-B 2 Nonwoven
GCL-B-W-D2 GCL-B 2 Woven
GCL-B-NW-D1.5 GCL-B 1.5 Nonwoven
GCL-B-W-D1.5 GCL-B 1.5 Woven
GCL-B-NW-D1 GCL-B 1 Nonwoven
GCL-B-W-D1 GCL-B 1 Woven
GCL-B-W-D0.5 GCL-B 0.5 Woven
GCL-C-W-D2 GCL-C 2 Woven
GCL-C-W-D1.5 GCL-C 1.5 Woven
GCL-C-W-D1 GCL-C 1 Woven

3 TEST PROCEDURE 

After specimen preparation, constant head flexi-
ble-wall permeability tests were conducted a
outlined in [7]. In order to prevent clogging, a 
polypropylene needlepunched nonwoven geotex-
tile was placed between the perforated base pe-
destal and the bottom cap of the permeameter 
cell.

The hydraulic head was kept constant during the
permeation stage of the test. When there was not 
a drastic increase in permittivity of the GCL spe-
cimen, the hydraulic head was increased and the

same procedure was followed till internal erosion
occurred or till 50 m of hydraulic head was main-
tained without a significant increase in permea-
bility. The GCL specimen was permeated from
top to bottom in order to simulate the internal 
erosion phenomenon. When the flow became 
steady, the head was increased to 5 m by 1 m in-
crements in every 10 minutes. Permeation was 
continued under a constant head for approximately 
12 days. Duration of 12 days was chosen be-
cause a considerable amount of increase in 
permittivity was obtained approximately with-
in 12 days for all tested GCL specimens that 
experienced internal erosion [6].

4 TEST RESULTS AND DISCUSSION  

Test results show that when internal erosion oc-
curred, the increase in permittivity usually e an
at least 100 hours after the hydraulic head had 
been applied. For instance, according to the re-
sults of GCL-A-W-D1.5, when a hydraulic head 
of 15 m was applied, permittivity began to in-
crease after about 130 hours as shown in Figure 
2. The rate of the increase of permittivity re-
mained small for approximately another 40-45
hours. Then, a sudden and much higher increase 
in permittivity was measured within less than an 
hour. This sudden increase was almost two or-
ders of magnitude. The test continued for 177 
hours and within this duration, approximately 
three and a half orders of magnitude of increase
in permittivity was measured and almost two or-
ders of magnitude of this increase took place in 
the last one hour. 

Lower rates of increase measured on the
GCLs can be interpreted as a sign that internal 
erosion had started. By facing high hydraulic 
head, the lower geotextile component began to 
deform and after a while, some bentonite par-
ticles began to migrate out of the lower geotex-
tile which caused an increase, usually up to one 
order of magnitude in permittivity. As time 
passed, the lower geotextile could not resist high 
hydraulic heads which caused more bentonite 
particles to extrude out. Finally, a very high in-
crease, up to three orders of magnitude in permit-



tivity was measured for all of the GCLs which 
experienced hydraulic failure. During the last 
stages of internal erosion, a high amount of ben-
tonite extrusion was observed.  

In some permeability tests, even under hy-
draulic heads equal to 50 m, no internal erosion
was observed within 12 days. GCL-C-W-D2 is a 
specimen that did not experience internal erosion
under a 50 m hydraulic head. According to the
permeability test results, low permittivity was 
measured even at the end of the test under a 50 m 
hydraulic head. The permittivity of GCL-C-W-
D2 decreased from 8.19 10-11 to 2.05 10-11 1/s 
from the beginning to the end of the test and no
increase in permittivity was observed at any 
stage of the test.

As shown in Figure 3, eight GCL-A speci-
mens were tested. For six combinations, the spe-
cimens experienced internal erosion. Internal ero-
sion occurred in the following cases: GCL-A-W-
D2 under 10 m hydraulic head, GCL-A-W-D1.5 
under 15 m head, GCL-A-NW-D2 under 20 m 
head, GCL-A-W-D1 under 30 m head, GCL-A-
NW-D1.5 under 35 m head and GCL-A-NW-D1
under 50 m hydraulic head. However, the permit-
tivities of the two GCL-A specimens which were 
tested over the perforated base pedestal with 0.5 
cm diameter did not increase for 300 hours even 
when the hydraulic head was 50 m. The values 
that are given in parentheses in Figure 3, 4 and 5 
are the maximum hydraulic heads. All of the
GCL specimens tested in this study are listed in 
Table 2 with different designations by taking the
GCL type, the geotextile component that was in 
contact with the perforated base pedestal and the
void size of the perforated base pedestal into ac-
count. These designations are also shown in 
Figure 3, 4 and 5.

As shown in Figure 4, seven GCL-B speci-
mens were tested. For six combinations, the spe-
cimens experienced internal erosion. Internal ero-
sion occurred in the following cases: GCL-B-W-
D2 under 5 m hydraulic head, GCL-B-W-D1.5 
under 15 m head, GCL-B-NW-D2 under 20 m 
head, GCL-B-W-D1 under 25 m head, GCL-B-
NW-D1.5 under 35 m head and GCL-B-NW-D1
under 50 m hydraulic head. However, the permit-
tivity of GCL-B-W-D0.5 which was tested over 
the perforated base pedestal with 0.5 cm void di-

ameter did not increase for 280 hours even when 
the hydraulic head was 50 m.

Figure 2. Change of Permittivity with time (GCL-A-W-D1.5; 
Hydraulic head 15 m). 

Figure 3. Permittivity - Elapsed Time Graph for GCL-A.

However, all of the three GCL-C specimens 
did not experience internal erosion even under 
hydraulic head of 50 m. Permittivity of the spe-
cimens decreased approximately half order of 
magnitude within almost 250 hours as shown in 
Figure 5. 

The surfaces of the GCL specimen facing the
voids on the perforated base pedestal formed a 
crest as shown in Figure 6. The other surfaces 
where the GCL specimen was in contact with the
solid parts of the perforated base pedestal re-
mained flat. High increase in permittivity of 



GCL-A-NW-D1.5 was due to the high amount of
bentonite migration from the openings caused by 
the damaged fibres of the crest zones on the
nonwoven geotextile as shown in Figure 6. 

The thickness of the crests on GCL-C-W-D2
was not as high as that of the other GCL speci-
mens which experienced internal erosion. When 
the deformation was low, the openings of the
crest zones remained small which prevented high 
amount of bentonite extrusion. The slit film tapes 
on the woven geotextile (W2) were not damaged 
due to the high tensile strength of the woven geo-
textile (W2). 

Figure 4. Permittivity - Elapsed Time Graph for GCL-B.

As the void size got larger, the thickness and 
area of the crest zone also got larger. As a result, 
higher amount of bentonite could migrate from
the openings and damaged regions on the crest 
zones and internal erosion could occur on the
GCLs under lower hydraulic heads. GCL speci-
mens tested over the perforated base pedestal 
having voids of 5 mm diameter did not expe-
rience internal erosion even under a 50 m hydrau-
lic head. This indicates that internal erosion be-
comes less critical as the grain size of the natural 
soil and as a consequence also the void size, de-
creases.

Figure 5. Permittivity - Elapsed Time Graph for GCL-C.

Figure 6. GCL-A-NW-D1.5 after the permeability test. 

Performance of GCL-A specimens against in-
ternal erosion was almost the same as that of 
GCL-B specimens. GCL-A and GCL-B speci-
mens experienced internal erosion under the 
same hydraulic head when the specimens were 
tested with their nonwoven geotextile component 
over the perforated base pedestals. Furthermore, 
the performance of the woven geotextile compo-
nent of GCL-A was just slightly better than that 
of GCL-B against internal erosion. 

These results show that bentonite type (sodium 
versus calcium) does not influence internal ero-
sion of a GCL specimen so much. However, hy-
draulic conductivity of calcium bentonite was 
found to be higher than that of sodium bentonite 
[5] where the effect of high hydraulic heads was 
not taken into account. 

Among all of the three types of GCLs used in 
this study, GCL-C showed the best performance 
against internal erosion. GCL-C specimen did 
not experience internal erosion even with its wo-
ven geotextile component tested over the perfo-

bentonite loss through the 
openings on the crest zone



rated base pedestal with 20 mm void diameter 
under 50 m hydraulic head. The main reason for 
the resistance of GCL-C specimens against inter-
nal erosion was the high tensile strength of the 
woven geotextile component (W2). The wide-
width tensile strength of W2 was higher than 
three and a half times of that of W1 and almost 
three times of that of N1. Very high tensile 
strength of W2 prevented the formation of de-
fects on the slit film tapes.  

The nonwoven geotextile component (N1) 
performed better against internal erosion than t e 
woven geotextile component (W1) of all of the
GCL-A and GCL-B specimens. One of the main 
reasons for the better performance of the nonwo-
ven geotextile (N1) against internal erosion than 
the woven geotextile (W1) was the capability of 
nonwoven geotextiles to deform extensively be-
fore failure. Because of the higher rigidity, some 
of the slit film tapes on the crest zones of the
woven geotextile component were damaged 
much more easily than those on t e nonwoven
geotextile component. Higher mass per unit area 
and tensile strength of the nonwoven geotextile 
(N1) than those of the woven geotextile (W1) 
were also the other parameters that caused the 
better performance of N1 against internal erosion. 

3 CONCLUSION  

In this study, laboratory permeability tests were 
performed to represent the field conditions when a 
GCL was used as a lining material in fresh water 
reservoirs. The following conclusions are reached 
as a result of the permeability tests:

The diameter of the voids of the perforated 
base pedestal plays a significant role on internal 
erosion. As the void size increased, internal ero-
sion occurred at lower hydraulic heads. For the 
test configurations chosen and GCL specimens 
used in this research, no internal erosion occurred 
for the base pedestal that had a void diameter 
size of 5 mm. According to this result, it is ad-
vised to use GCLs placed over gravels not coars-
er than 5 mm for the conditions where the GCLs 
were facing high hydraulic heads up to 50 m. 

The type of bentonite (sodium versus calcium) 

used in the GCLs did not play a significant role 
in terms of internal erosion under high hydraulic 
heads. Performance of the GCLs with sodium 
bentonite against internal erosion was almost the
same as that of the GCLs with calcium bentonite. 

Engineering properties of the geotextile com-
ponents play a significant role on internal ero-
sion. The GCL with the woven geotextile (W2) 
facing the perforated base pedestal behaved the 
best in terms of internal erosion. This is esti-
mated to be due to the very high tensile strength 
of W2. However, the performance of the nonwo-
ven geotextile component (N1) was better than 
that of the woven geotextile (W1) against internal 
erosion. This result is estimated to be due to the 
capacity of the nonwoven geotextile to deform 
extensively before failure. This conclusion is 
based on the observation that when the woven 
geotextile (W1) was facing the perforated base 
pedestal, the slit film tapes were damaged much 
more easily which caused high amount of bento-
nite extrusion. 
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Behavior of foam glass aggregate under static loads
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ABSTRACT 

Foam glass aggregate is produced in a controlled production process. Due to its low density and thermal conductivity foam glass 
aggregate offers a broad variety of applications. Based on extensive laboratory tests foam glass aggregate is investigated in the 
scope of a joint research project performed at Vienna University of Technology and University of Innsbruck. The mechanical 
properties of single grains are investigated by uniaxial compression tests on cut foam glass prisms. The uniaxial compression test
shows both a linear-elastic and a plastic behavior in the stress-strain relationship. A large-scale laboratory test was developed for
the determination of the load-deformation behavior of foam glass aggregates taking into account the grain size distribution and
the conditions during the compaction process in field. Deformation modulus can be directly derived while for the determination
of the stiffness modulus the theory of the elastic-isotropic half space needs to be addressed. The time dependent load-
deformation behavior of foam glass aggregate is determined from confined compression tests in an oedometer. Further confined
compression tests with foam glass aggregate samples with different grain properties are investigated.  

Keywords: Foam glass aggregate, uniaxial compression test, confined compression tests  
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1 INTRODUCTION 

Foam glass aggregate is characterized by high 
porosity within the grains. This is reflected in a 
low density and low thermal conductivity. Due to 
these specific properties the material offers a 
wide variety of applications. Foam glass aggre-
gate is mainly used as fill material under slabs, 
frost insulation material, and for light embank-
ments especially for roads and highways.  

In a funded joint scientific research project 
foam glass aggregate is investigated at Vienna 
University of Technology and University of 
Innsbruck. 

Based on extensive laboratory testing stiff-
ness, time-dependent settlement behavior, shear 
strength, bearing capacity, frost resistance, as 
well as permeability of foam glass aggregate lay-
ers with different boundary conditions is ana-
lyzed. 

This paper describes different types of com-
pression tests for the determination of the load-
deformation behavior of foam glass aggregate 
under static loading.  



2 PRODUCTION PROCESS AND 
GENERAL PROPERTIES OF FOAM 
GLASS AGGREGATE 

Foam glass aggregate is produced in a defined 
recycling process of waste glass material. In the 
first step of the production process waste glass is 
milled to glass powder. Furthermore, the powder 
is mixed with a foaming agent. The glass pow-
der-foaming agent mix is heated in an oven up to 
1000°C. Due to this temperature the glass pow-
der foams up to foam glass. In the end of the 
production line the hot foam glass is taken out of 
the oven and cools down to ambient air-
temperature. The fast cooling process induces 
tensile stresses in the sheets that easily let the 
foam glass break into foam glass aggregates. 

The pores inside a single grain are closed. 
This is shown in a very low water absorption of 
about 11 vol.%. 

The density of foam glass aggregate depends 
on the grain density, the degree of compaction, 
and the degree of water content. An overview of 
the range of the various densities taking into ac-
count different boundary conditions is given in 
Table 1. 

Table 1. Density of foam glass aggregate 

Boundary condition Density [kg/m³] 
Dry, loose 150 - 210 
Dry, degree of compaction 25 % 1) 190 - 260 
Wet2), degree of compaction 25 % 1) 270 - 365 

1) Reduction of the volume of 25 % 
2) At a maximum of water absorption  

3 LABORATORY TESTS TO DETERMINE 
THE PROPERTIES OF SINGLE GRAINS 

The following properties of single grains have 
been determined: 

Grain density 
Uniaxial compressive strength 

Both properties are tested on cut prismatic foam 
glass grains. The measurements of the square 
prisms are approximately 15 mm in the edge 
length of the cross-section and comprise a height 
of about 35 mm. Thus, the proportion factor of 
the samples H/D (height / coextensive diameter) 
is about 2 [-]. 

Figure 1. Grain size distribution of foam glass aggregate. 



Figure 2. Load-deformation behavior of two foam glass prisms from uniaxial test: phase a) Linear elastic load deformation be-
havior, phase b) plastic load-deformation behavior. 

3.1 Grain density S

The grain density was determined on foam glass 
prisms based on the particular measurements and 
weight of each sample and results in a range of 
0,202  0,433 g/cm³. 

3.2 Uniaxial compressive strength 

The uniaxial compressions tests have been per-
formed on foam glass prisms with a feed rate 
H/100 per minute [mm/minute]. Figure 2 shows 
two typical load-deformation behaviors of foam 
glass prisms. In the first phase a) a linear elastic 
behavior of the sample-material can be observed. 
In this phase no crushing of the foam glass grains 
occurs. The uniaxial compression test shows a 
horizontal load level with plastic deformations in 
combination with stress-rearrangement next to 
the linear elastic phase. The foam glass sample 
material is obviously hardening in the plastic 
range b) up to the fracture. The uniaxial com-
pressive strength is defined by the change of the 
linear elastic to the plastic behavior. Figure 3 
shows the correlation between the grain density 
and the uniaxial compressive strength. 

Figure 3. Correlation between grain density and uniaxial 
compressive strength. 

4 EXPLORATION TO DETERMINE THE 
LOAD-DEFORMATION OF FOAM 
GLASS AGGREGATE 

4.1 Large-scale compression tests 

At the University of Innsbruck large-scale 
compression tests with samples in a test box 
measuring 3.80 m x 0.70 m and a depth of 
0.60 m have been conducted to determine the 
load deformation behavior and ground failure 
mechanisms as well. The load is applied by a 
rectangular load plate. 



Five types of foam glass aggregate from three 
manufacturers with varied degrees of compaction 
were tested.  

The compaction process of the material in the 
test box is achieved with a vibration plate. The 
boundary conditions in the laboratory are more 
or less same as in field. 

Figure 4. Test set-up of the large-scale compression test in 
the laboratory of the University of Innsbruck and 
the geometry of load plate and test box. [1] 

The large-scale compression test is performed 
with a constant load increasing rate of 2 kN per 
second for initial loading as well as for reload-
ing. The loading is done in cycles with a load in-
crease of 100 kPa per step. In the first load cycle 
the foam glass aggregate sample is pressurized 
up to 100 kPa followed by a reloading with a 
minimum pressure of 10 kPa. The second load 
cycle has a defined maximum load of 200 kPa. 
The compression test is finished after eight load 
cycles respectively at a maximum load level of 
800 kPa. One test takes about 20 minutes. 

The strain of the foam glass aggregate body in 
transverse direction (cross to the length of the 
test box) is comparable to the strain of the sam-
ples of the confined compression test [chapter 
4.2]. Due to the development of strains in longi-
tudinal direction of the material in the test box 
the stiffness modulus cannot be derived directly. 

The calculation of the stiffness modulus is 
based on the theory of elastic isotropic half space 
given in Formula (1). 
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ES stiffness modulus [MPa] 
2·b width of load plate [m] 

q stress [MPa] 
z settlements in vertical direction [m] 
n Poisson ratio [-] 
b arctan(b/z) [°] 
z height of sample [m] 

Actually the exact Poisson ratio of foam glass 
aggregate is unknown.  

Figure 5 illustrates exemplary the progress 
and the value of the stiffness modulus of foam 
glass aggregate samples at initial loading with 
different ratios of compaction between 10 % and 
25 % of volume reduction with a chosen Poisson 
ratio of 0.46. 

Figure 5. Exemplary depiction of the modulus of stiffness at 
initial loading with a Poisson ratio of 0.46.  

The measurements of the load plate and the 
test box go conform with the grain size distribu-
tion of foam glass aggregate. The compaction in 
our experiment is selected to reproduce the com-
paction in field. Due to the high costs of the 
large-scale compression tests it is not possible to 

stiffness modulus [MPa]



perform long term tests. For the determination of 
time dependent load-deformation behavior com-
pression tests in small scale are carried out. 

4.2 Confined compression tests 

Confined compression tests in a large oedom-
eter have been performed at Vienna University 
of Technology. The oedometer comprises a di-
ameter of 250 mm. The compaction of the sam-
ple material is carried out with a proctor ham-
mer. The loading procedure is done similar to the 
loading of the large-scale tests in the test box. 
Consequently, the comparability between the re-
sults of the large-scale tests and the confined 
tests is given. Figure 6 shows a comparison of 
the stiffness modulus with compacted foam glass 
aggregate samples examined in large-scale and 
confined compression tests (25% volume reduc-
tion by compaction). 

Figure 6. Comparison of the stiffness modulus between con-
fined and large-scale compression tests with sample 
material with the same ratio of compaction. 

The curves in Figure 6 show a similar trend of 
the progress of the stiffness modulus. Yet their 
levels are different. The distinct values of the 
modulus result from various test conditions, 
mainly from the different size of the oedometer 
(confined compression test) and the test box 
(large-scale compression test). 

4.2.1 Long-term confined compression tests 
Long-term confined compression tests have 

been carried out over a period of three to five 
days per test run to evaluate the time-dependent 
settlement behavior of foam glass aggregate. 

The tests are performed in the oedometer with 
a diameter of 250 mm in accordance with the 
confined compression tests [chapter 4.2]. 

Two initial test load applications are investi-
gated: 

loading steps of 20 kPa from 2 kPa to 
100 kPa 
loading steps of 100 kPa from 100 kPa to 
800 kPa 

Every load step is finished when the strain 
rate is smaller than 0.05% per hour. 

The stiffness modulus and the creep value 
were determined at every load step. 

In Figure 7 the results of long-term tests are il-
lustrated by using foam glass aggregate samples 
with different uniaxial strength and different 
grain density as well as different porosity. The il-
lustrated curves showing the development of the 
stiffness modulus were determined with foam 
glass aggregate compacted to a volume reduction 
of 25%.  

The analysis of the long-term confined com-
pression test results indicates that the maximum 
stiffness modulus is obtained between 30 MPa 
and 43 MPa and is nearly independent of the 
grain density. Material containing fine pores (vi-
olet curve) shows high stiffness at higher pres-
sure loads and significant creeping occurs only at 
higher load steps as well. 

A correlation between low creep values and 
high stiffness modulus is evident.  

The extrapolation of the time dependent load-
deformation behavior from the long-term con-
fined compression test to the large-scale com-
pression test is given by the comparison of the 
stiffness modulus between confined and large-
scale compression tests [Figure 6]  

stiffness modulus [MPa]



Figure 7. Stiffness modulus and creep value of foam glass aggregate samples as a result of long-term confined compression tests 
with different grain properties. 

Figure 8. Two different types of foam glass aggregate prisms 
left fine pores, right coarse pores. 

5 CONCLUSIONS 

In the scope of a funded research project to de-
termine the mechanical properties of foam glass 
aggregate, laboratory tests have been performed 
both with single grains and the aggregate. Uniax-
ial compression tests on single grains disclose a 
linear-elastic and a plastic range of the material 
behavior. The intersection of the linear-elastic to 
the plastic deformation in the stress-strain curve 
defines the uniaxial compressive strength, which 
correlates with the grain density.  

For the investigation of the load-deformation 
behavior of foam glass aggregates under static 
loads different kinds of compression tests have 
been performed. As expected, the load defor-

mation behavior and stiffness modulus are simi-
lar. 

Furthermore, the time-dependent defor-
mations of the foam glass aggregates strongly 
depend on the applied load, the density of the 
material, the degree of compaction, and the po-
rosity of the grains. 

Finally, the tests showed that the stiffness 
modulus does not depend on the uniaxial com-
pressive strength.  
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2.1 Field investigations 

2.1.1 Geophysical investigations 

2.1.2 Geotechnical investigations  boring, 
dynamic probing and trial pits 

2.1.3 Permanent measuring equipment 

2.2 Laboratory tests 



4.1 Bearing capacity and settlement 

4.2 Slope stability 



5.1 Drainage system 

5.2 Bored piles 



5.3 Protection of excavation pits 

5.4 Fill and retaining walls 





Important aspects in design of laminar soil 
container for 1-g shaking table tests
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ABSTRACT 

Earthquake geotechnical studies can involve different methodologies and approaches such as dynamic soil element tests, reduced 
scaled models, numerical and analytical models and full scaled field tests. If done properly, scaled model tests can be advanta-
geous for seismic studies due to their ability to give more realistic information about ground acceleration amplification, change 
in pore pressures in the soil medium, nonlinear behavior of soil, occurrence of failure, and soil structure interaction phenomena. 
This paper describes the important aspects in design, fabrication and commissioning of a single axis laminar shear box for use in 
seismic geotechnical studies. A laminar box is a container which allows ‘free’ horizontal movement of soil model and it is
placed on a shaking table platform to simulate wave propagation during earthquakes through a soil layer of finite thickness. The
laminar box described in this paper is designed to be used for investigation of the liquefaction phenomena of saturated sand pro-
file on the shaking table test in the Institute of Earthquake Engineering and Engineering Seismology – IZIIS, Skopje, Macedonia.
The numerical analysis and preliminary calculations conducted to study the performance of the laminar box in order to fulfill the 
design criteria are also taken into consideration. Also, important aspects for the experimental setup of liquefaction studies, char-
acterization of investigated sand, model preparation, and soil properties are explained.  

Keywords: 1-G seismic shaking testing, laminar box, liquefaction  
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1 INTRODUCTION 

Earthquake geotechnical studies can involve dif-
ferent methodologies and approaches such as dy-
namic soil element tests, reduced-scale model 
tests, numerical and analytical models and full-
scale field tests. If done properly, scaled model 
tests can be advantageous for seismic studies be-
cause of their ability to give economic and realis-
tic information about ground amplification, 

change in pore water pressure, soil non-linearity, 
and occurrence of failure and soil structure inter-
action [1]. Model tests are essential when the 
prototype behaviour is complex and difficult to 
understand. In model testing, usually the bounda-
ry conditions of a prototype problem are repro-
duced in a small-scale model. Model tests are 
used to understand the effects of different pa-
rameters and the process leading to failure of 
prototype at a real time. The model tests can be 



divided into two categories, namely, those per-
formed under gravitational field (generally called 
shaking table tests) and those performed under 
higher gravitational field (centrifuge tests). Both 
shaking table and centrifuge model tests have 
certain advantages and limitations. Shaking table 
tests have the advantage of well controlled large 
amplitude, multi-axis input motions and easier 
experimental measurements and their use is justi-
fied if the purpose of the test is to validate the 
numerical model or to understand the basic fail-
ure mechanisms [2]. In the case of geotechnical 
structures, an additional issue is related to the 
presence of a container which will set the bound-
ary conditions of the soil. 

Lately, the rising of damages caused by earth-
quakes is increasing due to the population 
growth. That is the reason why the development 
of earthquake geotechnical engineering which 
include understanding ground behavior during 
shaking, effects of earthquake on geotechnical 
facilities, site amplification studies, liquefaction 
phenomena etc., have shown tremendous pro-
gress.  

This paper describes the important aspects in 
the process of design and commissioning of lam-
inar box for shaking table studies on liquefaction 
phenomena. The laminar box is designed and is 
planned to be set in the laboratory for dynamic 
testing of soils at the Institute for earthquake en-
gineering and engineering seismology IZIIS in 
Skopje, Macedonia. The laminar box is planned 
to be used for experimental testing on fully satu-
rated cohesionless soil in order to investigate the 
liquefaction phenomena and cyclic behavior of 
cohesionless soil in earthquake conditions.  

2 1-G SHAKING TABLE TESTS 

The fundamental problem with 1-g physical 
models of seismic behavior of structures is to 
provide the correspondence between the model 
and the prototype. A number of works have been 
carried out to understand the failure mechanism 
and behavior of earth structures using shaking 
table tests. Shaking table research has provided 
valuable insight into liquefaction, post-
earthquake settlement, foundation response and 

lateral earth pressure problems. For the models 
used in shaking tables, soil can be placed, com-
pacted and instrumented relatively easily. 
Though higher gravitational stresses cannot be 
produced in a shaking table test, the contractive 
behaviour associated with high normal stresses at 
significant depths can be simulated by placing 
soil very loosely during model preparations. 
In order to reproduce actual earthquake data, a 
six degree of freedom shaking table is essential. 
It is a very complex electro-hydraulic system  
which is very expensive and requires high 
maintenance and operational costs. However, 
when the response and failure mechanisms of 
earth structures like embankment, retaining wall, 
quay wall are of importance, single horizontal 
translational degree of freedom are sufficient. In 
the following paragraph the characteristics of the 
shaking table in IZIIS are described.  

2.1 The shaking table in IZIIS 

The shaking table in IZIIS is one of the first in-
stalled vibrations platform in Europe. One inter-
esting facts that in its life time many structures 
have been investigated, yet no geotechnical 
structure with proper boundary conditions have 
been tested. The study presented in this paper is a 
part of a research proposal in order to investigate 
the liquefaction phenomena and cyclic behavior 
of cohesionless soil in laminar box described in 
this paper.  

Figure 1. The shaking table in IZIIS 

The shaking table (fig.1 and fig. 2) has the fol-
lowing characteristics: 

Size 5.0m x 5.0m 



Mass 330 kN 
Maximum model mass 400 kN with height 
of 6.0m 
Frequency range 0-80 Hz 
Maximum Acceleration horizontal 0.70g 

Figure 2. Dynamic characteristics of the shaking table in IZI-
IS

3 THE LAMINAR BOX  

The geotechnical model cannot be directly 
mounted on shaking table due to the require-
ments of confinement. An ideal container should 
be large, flexible, massless and transparent. 
However, it is impossible to provide all the es-
sential features. During the last decade many 
laminar boxes are being developed across the 
globe to suit field conditions better. Table 1 pre-
sents some of the existing laminar boxes around 
different research centers in the world.  
In this paper the issues regarding the design of 
the laminar box in IZIIS are described as well 
some important aspects for the detailed experi-
mental setup are mentioned.  
The geometrical shape of the cross section may 
be square or circle. Due to symmetry, the circle 
cross section is more suitable. However, con-
structing a container having square cross section 
is easier from the manufacturing point of view. 
Effects of the corners on the measuring points 

can be decreased by installing the measuring de-
vices into center cross section of the container. 

Table 1.  Some laminar boxes designs (modified after Turan 
et al.(2009) [1] 

Author Dimensions (W x L x H) 
[mm2]

Gibson 350x900x470 
Prasad et al. 500x1000x1000 
Meymand 
Ueng and Chang 
Van Laak et al. 
Pamuk et al. 
Shen et al. 
Takanashi et al. 
A.T. Carvalho et al. 
Jafazaderh F. 
Wienbroer et al.                  

2280x2130x2130 
1888x1888x1520 
254x457x254 
355x710x355 
584x500x500 
200x450x325 
750x2000x1750 
1000x1000x1000 
600x800x2100   

3.1 General pattern of the laminar box 
designed in IZIIS 

According to the capacity of the shaking table, 
the models weighing up to 40 tons can be tested 
on the shaking table. Thus the square cross sec-
tion with 2 x 1 m dimensions in plan and 1.5 m 
in height is defined. 
For flexibility in the walls of the container a lam-
inar system is applied, since in this system, the 
shear stiffness of the walls is limited to the fric-
tion between the layers and the influence of rub-
ber membrane inside the box. So this kind, so 
called laminar shear box; at the time of liquefac-
tion, has the least undesirable effect in the real 
behavior of the model [3]. 

3.2 Design criteria of the container  

The ideal container is one that gives a seismic re-
sponse of the soil model identical to that ob-
tained in the prototype, i.e. the semi-infinite soil 
layer 1D response under vertically propagating 
shear waves. The boundary conditions created by 
the model container walls have to be considered 
carefully, otherwise the field conditions cannot 
be simulated properly.  
The presence of rigid and smooth end walls in 
the case of a ground model introduce three seri-
ous boundary effects compared with a semi-
infinite soil layer in the prototype: deformation 
incompatibility, stress dissimilarity and input ex-
citation pattern dissimilarity (Fig. 3).  



Figure 3. Effects of rigid boundary end walls (after A.T. Car-
valho et al., 2010) [4]. 

The present laminar box is designed according 
the following criteria: 

Layers and the membrane inside should 
have minimum stiffness to horizontal shear. 

The laminar box should have mass much 
smaller than the soil material which is built 
inside it 

It retains water and air without leakage. 
It offers little resistance to vertical settle-

ment of soil. 
Height of each layer is small which in-

creased the flexibility for the deformation of 
soil inside. 

It is fairly large to better simulate field be-
haviour. 

It possesses capability to increase confining 
pressure. 

It maintains its horizontal cross section dur-
ing shaking. 

It develops shear stress on the interface be-
tween soil and vertical wall equal to that on 
the horizontal plane. 

It provides good contact between the bear-
ings and groove. 

It allows free movement of soil along the 
transverse cross section. 

It possesses provision for instrumentation. 
It is strong and stable against all the dy-

namic forces and moments. 
To provide stiff connection to the shaking 

table 

3.3 Description of the components of the 
container  

The 3 dimensional layout of the designed con-
tainer is shown in Figure 4. The container con-
sists of the following main components: 
(a) Aluminum layers and ball bearings; 
(b) Base plate with the saturation and drainage 
system in the floor; 
(c) The upper and the side guides; 
(d) Internal membrane used as a cut-off and 
keeping the moving bearings away from dust. 

Figure 4. 3-d view of the laminar box designed in IZIIS  

3.3.1 The layers and the mechanism of motion 
Each layer is a square ring which is composed of 
hollow aluminum profiles with 40×80 mm2 sec-
tion (Fig. 5). The whole system is composed of 
12 layers-rings with height of 1.5 m. (Figure 7 
and 8) In order to minimize the friction between 
the layers, transfer ball bearings have been used 
so that the two dimensional motion in the hori-
zontal plane is possible. These balls are designed 
in a way that they can be simply as possible and 
without any additional devices to provide maxi-
mum sliding of rings with minimum friction. 
This makes the balls act as a column between the 
lower and upper hollow aluminum sections and 
prevents the surface from being deformed, by the 
point contact stress between the ball bearing and 
the surface of the aluminum profile. In order to 
make the distribution uniform, 12 rotating ball 
bearing are used in each layer and the gap be-
tween the 2 adjacent layers is 3 mm.



Figure 5. Perspective view of the laminar  ring 

3.3.2 Base plate and saturation and drainage 
systems 

The lowest layer has been fixed on a steel base 
with 2.1 × 1.5 × 0.01 m in dimensions. In order to 
allow saturation of the soil model, the base has 
been designed with double bottom plates (one is 
perforated) and system of small pipes (Fig. 6). 
The bottom plate of the model is covered with 
porous stone. In this way, not only saturation and 
drainage of the samples is facilitated but this im-
proves the contact between the soil and the steel 
plate of the container which makes better shear 
stress transition. 
For hydraulic cut-off system and the protection 
of the ball bearings, the inside of the container is 
covered by a 2 mm thick rubber membrane. 

Figure 6. View of the base plate with the saturation system  

3.3.3 The upper and side guides 
In the four sides of the box 4 steel columns have 
been installed, so as to prevent the frames from 
the oversize deformations while conducting the 
test. Also, in order to prevent the layers from get-
ting separated at the time of vibration, a horizon-
tal steel cross has been installed above the col-

umns tangent to the ball bearings of the upper-
most layer. 

Figure 7. Cross section of the laminar box  

Figure 8. Longitudinal section of the laminar box  

3.4 Calibration of the laminar box  

Main factors which may influence the perfor-
mance of a laminar box can be classified as fol-
lows: 

Inertia effect 
Friction effect 
Membrane effect 
Wall effect 

These effects are planned to be investigated in 
this study performing static calibration tests as 
described in [2]. 

4 EXPERIMENTAL SETUP AND PLAN 
FOR LIQUEFACTION STUDIES 

The designed laminar box is going to be used in 
order to investigate the liquefaction phenomena 
and cyclic response of cohesionless soils.  



A number of works have been carried out to un-
derstand the failure mechanisms and behaviour 
of earth structures using shaking table tests.  
Various authors  carried out shaking table tests in 
order to investigate the dynamic behavior of soils 
[2] [6]. The use of element tests, in situ soil in-
vestigation, case histories, including shaking ta-
ble tests are essential to understand and develop 
the failure mechanism during liquefaction.  
For the research presented in this paper the fol-
lowing further activities are planned to be done:  

Characterization and definition for dynamic 
parameters of representative sand type by se-
ries of triaxial and simple shear tests 

Analysis of the similitude laws for scaling 
of the model for testing and the prototype [7] 

Design of sieve with the dimensions of the 
laminar box for installing the sand into the 
laminar box by method of raining 

Obtain the necessary measurement equip-
ment for the acceleration, displacement and 
pore water pressure. 

Numerical analysis of the behavior of the 
empty box and verification by dynamic tests 
on the shaking table 

Simulation of the experimental setup with 
nonlinear material model and infinite bounda-
ry elements [5]. 

5 CONCLUSIONS AND 
RECOMMMENDATIONS  

Model testing under 1-G environment in earth-
quake geotechnical engineering has become an 
integral part of research. Detail design procedure 
and description of the components of the laminar 
shear container which will be installed in IZIIS 
have been presented in this paper.  The laminar 
box is a part of investigation study on the lique-
faction phenomena and cyclic behavior of cohe-
sionless soil. The study is ongoing and further 
plans for the experimental setup are also de-
scribed.  Use of laminar box will improve the ef-
ficiency of testing and simulating the real  
ground conditions. Amplification, liquefaction 
and cyclic mobility phenomenon, excess pore 

water pressure generation and dissipation rates 
can be performed using such facilities. 
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Effects of loading rate and saturating fluid on chalk 
mechanical behavior
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ABSTRACT 

The mechanical response of reservoir chalk subjected to distinct pore fluid type and saturation and varied loading rate under hy-
drostatic and uni-axial (K0) conditions was studied in the laboratory. High pressure triaxial loading cells developed at the Nor-
wegian Geotechnical Institute were used to reproduce in situ conditions and enable precise and independent control of pore pres-
sure and external load exerted radially and axially onto the sample. Brine saturated and partially gas saturated chalk samples 
were tested under hydrostatic and uniaxial (Ko) conditions to investigate the onset of yield (pore collapse) and the time depend-
ent behavior of chalk at various loading rates, from usual laboratory conditions to loading rates 100 times slower (0.01 
MPa/hour). In this context, chalk demonstrates a complex behavior, strongly dependent on porosity, the type of pore fluid and 
the degree of saturation, as well as the applied loading rate. The results confirm the well known rate dependent (isotach) behav-
ior of chalk within the strain rates investigated. The experiments provide valuable data as a basis to the development and valida-
tion of constitutive models to predict the behavior of hydrocarbon reservoirs in chalk formation under representative in situ con-
ditions.  

Keywords: Geomechanics, chalk, experiment, tri-ax, load rate, fluid saturation, porosity, modeling 

1. INTRODUCTION 

Many oil and gas fields in the North Sea are 
found in very porous overpressured chalk for-
mations which compact significantly during the 
lifetime of the field. Reservoir compaction, lead-
ing to sea bed settlement (subsidence) results in 
reduced air gap for the platforms, as experienced 
at Valhall or Ekofisk, and well casing failures 
[1]. Compaction, on the other hand, contributes 
significantly to the recovery mechanism, up to 
50-60 % for Valhall in some areas of the field 
[2]. Reservoir compaction is not solely the result 
of the changes in effective stresses, but also due 
to water weakening of the chalk during massive 
seawater injection. T1
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he underlying mechanisms 
behind water weakening are not fully under-
stood, but are well studied in the literature. Sev-
eral factors have been proposed such as suction 

or capillary effects [3], dissolution, precipitation, 
or chemical ionic substitution at the chalk sur-
face [4]-[6]. 

Field observations and laboratory experiments 
have shown that the behavior of reservoir chalk 
is also time-dependent, exhibiting pronounced 
creep deformations under constant load at high 
stresses, or strain rate dependent elastic limit [7] . 
Models for the time dependent behavior of chalk 
are proposed by [8],[9]. Since laboratory experi-
ments are carried out at load or strain rates much 
faster than experienced in the field, procedures 
have been developed to extrapolate the observed 
laboratory behavior to field depletion rate. Using 
a rate-type compaction model proposed by de 
Waal [8], Andersen et al. [9] suggested a proce-
dure to predict compaction curves at the field de-
pletion rate. The extrapolation assumes neverthe-
less that the same rate dependency is valid in the 
range of strain rates of practical interest (i.e. 
from laboratory rates to field rates), which can be 



debated. Omdal et al. [10] for instance, did not 
observed significant difference in chalk behavior 
during pore pressure depletion tests under uniax-
ial strain conditions with very low rates (0.02 - 
0.0007 MPa/min).  

In this paper, we report on a series of labora-
tory experiments to characterize the time-
dependent behavior of a reservoir chalk. Due to 
strict constraints on the maximum subsidence 
that could be tolerated during field exploitation, 
an experimental program was started to estimate 
reservoir compaction and associated subsidence 
due to gas production, as well as after production 
stopped. Unfortunately, the experimental pro-
gram was limited by the amount, quality, and 
lack of orientation of reservoir cores available 
for testing. Thus, data from open literature was 
used as far as possible to supplement the study. 
The experimental program was defined around 
three main controlling factors: chalk porosity, 
nature of saturating fluid, and load rate  

2. TEST BACKGROUND AND PROTOCOL 

2.1. Reservoir conditions

Table 1: Initial stress conditions for laboratory experiments. 

Stress / Pore pressure Value 
(MPa) 

Total vertical stress V 22.5 
Initial total horizontal stress H 18.0 
Initial octahedral stress oct 19.5 
Initial Reservoir Pressure Po 13.5 
Initial effective vertical stress V 9.0 
Initial eff. horizontal stress 4.5 

Initial eff. octahedral stress 6.0 

Table 2: Brine composition. 

Salt Concentration (g/l) 
NaCl 58 
KCl - 

CaCl2, 6 H2O 55.6 
MgCl2, 6 H2O 8.5 

The total vertical stress is the maximum principal 
stress, and equals the weight of the overburden. 
The horizontal stress is unknown. Previous test-
ing assumed a ratio between total horizontal and 

vertical stresses K of 0.8. The initial stress condi-
tions are given in Table 1 and reservoir brine 
composition is tabulated in Table 2. The for-
mation is ~30% brine saturated. 

2.2. Sample selection and preparation

10 samples were selected from 1134m to 1309m 
depth originating from the same field in (Upper 
Cretaceous), but two different wells. One of the 
wells has a deviation of 27° from vertical direc-
tion, and since the plugs were drilled out parallel 
(vertical plugs) or normal (horizontal plugs) to 
the core axis, the plugs were not fully representa-
tive of the in-situ vertical and horizontal direc-
tion. The porosity of the readymade core plugs 
could be separated into three porosity classes 
(~31%, ~34%, and ~36-37%). Final selection 
was made upon a criterion of maximum uni-
formity, i.e. absence of intrusions and no visible 
fissures, based on CT scan imagery.  

The selected samples were dried at 60°C over 
two days to minimize the water content before 
weighing in. It is crucial for the planned testing 
that the applied heat during drying does not ex-
ceed 70°C. This is due to the fact that chalk (cal-
cite and carbonate minerals) is susceptible to mi-
cro-fracturing at higher temperatures.  

Edges were trimmed to remove flaws. The test 
specimens were sprayed with a latex resin to 
produce an impermeable rubber membrane 
around the specimen to ensure isolation of the 
pore fluid from the confining cell fluid during 
testing. Pins for mounting deformation sensors 
were glued onto the specimen. All the test spec-
imens were mounted with metal filter disks at top 
and bottom. 

2.3. Partial saturation

The chalk water weakening effect is a well 
known phenomenon both for oil-water [11]-[13]. 
Gas-water experiments, although not as numer-
ous, indicate a similar response as for the oil-
water system: a radical increase of (plastic) de-
formation by pore collapse up to 15% water satu-
ration, and only small mechanical weakening is 
observed beyond 15%. Since the in situ water 



saturation is documented of minimum 30%, a 
full water weakening effect is assumed to be 
promoted, suggesting little difference in mechan-
ical response beyond the critical saturation 
threshold, 100% saturation.  

In the lack of a defined saturation threshold 
for the gas-water system it has great value to as-
sess possible implications of this assumption, by 
performing laboratory tests at 100% and 30% 
water/brine saturation, where 30% is representa-
tive of reservoir conditions.  

We apply a dilution/evaporation technique 
[14] to achieve and mimic the ~30% reservoir 
saturation: The plug was dried completely at 
60°C over two days, before it was gradually 
immersed and flooded along its axial direction in 
a vacuum chamber. When fully immersed it was 
left to soak for approximately 2 hours. Then the 
specimen was put to evaporate inside a closed 
and controlled environment cabinet, i.e. the 
humidity was kept at constant 60%, until it 
reached target weight. At this point the brine 
concentration matched the prescribed one in 
Table 2.  

The validity of the method was cross checked 
by using a micro-focus industrial CT-scanner. 
For each degree of saturation; dry, fully saturat-
ed, and partial saturation a scan was performed 
giving a complete 3D grey level representation 
of the solid matrix and the pore content propor-
tional with the density. The axial profile shows 
uniform distribution along the sample. No at-
tempts have been made to similarly quantify sat-
uration laterally. 

2.4. Experimental setup

The NGI experimental triaxial apparatus setup 
and procedures are thoroughly presented in detail 
in by Berre [15]. 

2.5. Test protocol 

Uniaxial strain condition with pore pressure de-
crease is usually representative as an analogue 
for reservoir and deformation associated with 
field production by depletion, given boundary 
conditions of a small horizontal to lateral exten-
sion ratio. The formation is roughly 4-5km in di-

ameter and limited to a thickness of 40-50 m, in-
cluding the gas, transition, and water zones. A 
uniaxial laboratory model would then hold for 
most of the reservoir, except close to the reser-
voir boundaries, given that the test specimens are 
oriented with bedding perpendicular to principal 
load axis (i.e. drilled vertically).  

However, testing procedures were limited by 
the accessible chalk samples and their properties, 
i.e. number of samples, their drilled direction 
(axis near parallel or vertical with respect to bed-
ding), and their physical dimensions. Uniaxial 
depletion testing (CAUST) [15] was performed 
with the accessible vertical plugs, while in the 
case of horizontally drilled plugs, an isotropic 
testing procedure is more meaningful in terms of 
studying fluid and load rate effects on the me-
chanical behavior and elastic-plastic transition.  

Four samples were tested specifically with the 
combined effect of strain rate and saturating fluid 
in mind. One convenient approach to assess the 
rate effects and associated material compaction 
rate and stiffness is to sequentially vary the ap-
plied loading rate [16], [17]. The following typi-
cal protocol for isotropic compression tests is es-
tablished (see examples in Figure 1): 
(i) The sample was built into the triaxial cell 

and saturated with the specified brine solu-
tion at low effective hydrostatic stress of 0.5 
MPa.  

(ii) Pore pressure and cell pressure was in-
creased to in situ stresses at a normal load 
rate = 1MPa/hour. 

(iii) Further increased cell pressure using 
1MPa/h while maintaining constant pore 
pressure, close to but below the estimated 
and expected pore collapse, then adjusted 
load rate to 0.01 MPa/h. Load at a low load 
rate of 0.01 MPa/hour beyond pore collapse, 
until steady state was accomplished. Steady 
state is defined as when the strain grows lin-
early with respect to the applied mean stress, 
i.e. opposed to phases when the strain rate 
accelerates during pore collapse. 

(iv) Sequentially vary the loading rate (0.01, 0.1, 
1 and 10 MPa/h were used). Creep (0 
MPa/h) was also added for few of the tests. 



3. RESULTS AND DISCUSSION 

3.1. Load rate dependency 

Consulting the literature the onset of pore col-
lapse was estimated based on porosity and rate 
prior to start of test sequence, and the first rate 
alternation between elastic load phases was dic-
tated by this value.  

See Figure 1 for an overview of load phases 
and rates. The onset of plastic regime is identi-
fied as departure from the preceding linear elas-
tic behavior, which at 0.01 MPa/h load rate is 
approximately (a) Pc (b) Pc .   

Figure 1. Stress-strain diagram for test two tests covering 
load rates from 0 MPa/h (creep phase) to 10 MPa/h for fully 
and partially saturated samples. 

Establishment of steady state was allowed for 
before changing load rate. In the plastic regime 
the load rate was alternated as specified in Figure 

1. From these load phases one may assess the 
rate dependent material stiffness by considering 
the slope ´mean/ oct. The slope is found by linear 
fit of a given stress segment and given in the re-
spective figures. The stiffness depends on the 
stress level and amount of plastic hardening.  

Experiments show the plastic region at 0.01 
MPa/h exhibit a stiffer behavior than loading 
than both 0.1MPa/h and 1.0 MPa/h, through 
direct comparison of slopes. At 0.1MPa/h and 
1.0 MPa/h the behavior the stiffness compares 
while 10% shows a relatively softer behavior. 
Difference in stiffness for the plastic domain is 
inversely proportional to loading rate.  

A creep period was included proceeding the 1 
MPa/h plastic regime in (a). Resuming loading 
after this period of creep deformation demon-
strates strain hardening, i.e. by comparing slopes 
at same rates before and after (slope 0.55 and 
0.75 respectively). Load phases also indicate 
presence of strain hardening following an S-
curve as demonstrated in Figure 2.  

Figure 2. Volumetric strain versus effective vertical stress 
during testing on brine saturated 31% porosity chalk . Three 
distinguishable regimes, characterized by different stiffness 
behaviour, are highlighted: Elastic (red), plastic post pore 
collapse (~23 MPa), and stiffer plastic behaviour due to strain 
hardening (blue). 

The load rate dependency is estimated using 
the RTCM model [8] linking pressure points on 
the curve (p1 and p2) and the associated load rates 
(  and ) through the exponent 
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0=33.8%, 30% brine  



An average value of 0.055 agrees with the 
open literature [2], [8], [16]. The b-parameter al-
lows for extrapolating laboratory yield stresses 
and incurred deformation to field through rele-
vant load rates, i.e. for known depletion rates. 

3.2. Elastic-plastic transition

Figure 3. Pore collapse for an assembly of isotropic and K0
tests at equivalent load rate of 1 MPa/h load rate (a) com-
pared with literature on oil-saturated and water-saturated (b) 
[11],[16]. Trend line of our experiments (in red). 

The transition from elastic to plastic behavior 
occurs to a large extent by collapse of the porous 
structures within the chalk when exceeding a 
given stress level defined by the porosity de-
pendent yield envelope following the cam clay 
model. This stress level is lower the higher the 
porosity. The onset of plastic yield by pore col-
lapse is inversely related to the chalk porosity – 
increasing porosity effectively shifts the failure 
envelope to lower stress levels [16]. 

It is also governed by the interstitial fluid, i.e. 
the skeleton is significantly weakened by intro-
duction of water [11],[18]-[20].  

Elastic-plastic transition or pore collapse on-
set, pc, identified at different load rates are trans-
lated to a common 1 MPa/h reference and com-
pared with the open literature in Figure 3 with 
agreeable precision with the yield pressure trend 
line  

 .          (2)

3.3. Time dependent deformation

Under constant isotropic loading, the RTCM 
model [8] gives the following creep strains and 
rates as function of time as: 

tCc
t
v 1ln .  (3) 

obc ,  and voob pbc /, , where vo be-
ing the volumetric strain rate at the start of creep 
loading at time t=0, p isotropic pressure, b fric-
tion parameter relating strain/stress rates, and cb,0
bulk compressibility at creep onset.  

Figure 4. Example of time dependent deformation visualized 
as the inverse octahedral strain rate vs time t´ during creep 
phase. The b-parameter is inferred from the slope 1/Cc and 
the offset /Cc. 

The b-parameter is directly inferred by curve 
fitting, exemplified in Figure 4 giving the slope 
1/Cc and the offset /Cc. Given the stress level 
used for the creep phase and the bulk compressi-
bility prior to creep, one can back calculate b

a) 

b) 



from Cc. The typical b parameter obtained ranges 
from 0.4 to 0.65 and are in fair agreement with 
the estimations based on the load phases and 
compares well with chalk literature [8], [16].  

4. CONCLUSIONS 

The mechanical response of reservoir chalk sub-
jected to distinct pore fluid type and saturation 
and varied loading rate under hydrostatic and 
uni-axial compaction was studied using high 
pressure triaxial loading cells to reproduce in situ 
stresses. Onset of plastic yield and time depend-
ent behavior proves sensitive to a complex set of 
control parameters; porosity, load rate, type of 
pore fluid, and saturation. The results are com-
pared with, and agree well with the trend lines 
drawn from the open literature.  
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The importance of preliminary investigations when 
working in areas blighted by historical mineworkings 
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Abstract 

Throughout the Industrial revolution and to the mid-latter part of the last century mining formed a major part of 
the United Kingdom’s industrial output.   

The legacy of this rich history now poses significant challenges and hazards for the development of land 
previously used during these industrial processes. 

This paper discusses the methods and tools available to the practising geotechnical engineer/geologist in searching 
for, and identifying, abandoned workings and the risks associated with them.  In particular issues related to coal 
workings are discussed. The paper gives specific reference through the use of an example to where the poor 
application of these tools resulted in significant additional cost to an engineering project. 

Coal workings, abandoned, mine shafts, legacy, pillar and stall, roadways, crownhole, grout, site investigation, 
ground investigation

1. INTRODUCTION 

The impact of the legacy of the industrial 
revolution in the United Kingdom (UK) 
continues to cause hindrance to development. 

Coal has been mined in the UK since Roman 
times, but the advent of the Industrial Revolution 
led to mines being progressively driven to deeper 
depths and working larger areas.  From initial 
bell pits which may have worked only a small 
area from the access to large pillar and stall 
workings which may have worked seams of coal 
many meters thick. 

In the United Kingdom from the mid 19th

Century entire communities built up around 
easily available sources of coal, fireclays and 
other economic resources.   

Now, decades later many of these towns have no 
evidence of this rich history visible at the surface 
beyond made ground deposits and the occasional 
spoil mound.  However many of the worked 
horizons are within a few metres of the current 
ground level and are easily within influencing 

distance of proposed developments posing a 
significant risk during both construction and the 
life of the proposed development.    

While in many areas long wall mining or similar 
methods resulted in subsidence occurring 
relatively contemporaneously with the mining 
activities. In other locations mines remain ‘open’ 
especially where roadways and accesses were 
well engineered and supported by pillars of the 
worked material, often the case in coal mines, or 
by wooden supports or props.  These supports 
can fail at any time through a combination of 
spalling, increased loading or through simply 
rotting away.  In addition to the risk posed from 
workings themselves, mine entries can present an 
equal danger.  Whilst ordinarily many of these 
man-made geo-hazards remain ignored, they can 
become of particular importance when 
redevelopment of mining areas is proposed. 

While this paper primarily discusses the author’s 
experiences of mining related problems in the 
UK the issues noted can be applied to any 
country where historical mining has occurred.  
For example Sweden has a rich history of 



metalliferous mining dating back over one 
thousand years. 

2. INITIAL REVIEW 

The most important first step for the geo 
engineering professional is to undertake a desk 
based study or review.  This study should draw 
together as many of the available resources of 
information regarding the site as possible.  Best  
practice guidelines and regulations require the 
practicing engineer to gather this information 
together prior to any works commencing on site.  
This data should be summarised and presented in 
a concise format to allow the target audience 
(potentially not qualified engineering 
professionals) to understand and make use of the 
information contained within. 

In areas of suspected previous historical 
mineworkings it is vital that a full ground model 
is developed at desk study stage to allow any 
hazards to be further investigated as soon as 
possible to allow input into design and costing 
schedules.  Initial evidence for historical working 
may come from a site walkover/inspection, 
geology plans, or aerial photographs. 

In the UK the Coal Authority, hold a repository 
of thousands of abandonment plans that cover 
large areas of the British Isles.  Many of these 
plans were prepared when workings ceased, and 
were prepared by the mine operators.  This 
resource is invaluable to the engineering 
professional when creating initial ground models.  
However, there are a number of important issues 
which should be considered when referring to 
any historical plans, briefly these include; 

The scale of the plans – historical plans will 
often require electronic enlargement or 
reduction to enable them to be overlaid with 
modern base-maps.  It is important that this 
is completed correctly in order to avoid 
confusion regarding the extent of suspected 
workings.
The accuracy of the plans – The original 
surveys were undertake without any modern 
mapping equipment and therefore the 
accuracy of any plans should be considered 
suspect until proven by other means. 
Do the plans show the full extent of the 
workings?  Historically it was common 
practice for workings to be revisited by the 

same mine operator or even subsequent 
owners in order to ‘rob’ coal from pillars 
and workings.  Resulting in plans under 
representing the worked areas. 

The geo-professional must be able to obtain and 
understand these plans and use them in 
conjunction with modem day mapping, GIS 
systems etc.  Often this will require the 
assistance of CAD and GIS specialists. 

However, as a word of warning it is important to 
be aware that in the UK the recording of mine 
workings only became obligatory in 1872.  When 
not working in the UK the details of any similar 
regulations should be sought. There are 
numerous instances of unrecorded workings and 
mine entrances being found on site during 
investigation and construction works.  Therefore 
it is of paramount importance that when working 
in an area of known productive coal (or other 
mineable minerals) consideration should be 
given to the possibility of locating the unknown 
and unrecorded (Figure 1). 

Figure 1 Shallow test shaft located during an earthworks 
operation near Telford, UK. Note: the capping of overlying 
made ground and the shallow depth the shaft was taken to.. 

In addition to mining abandonment plans other 
historical documents should be consulted in order 
to aid in the creation of an understanding of the 
history of the site.  Such other documents may 
include Parish plans, third party land searches 
and review of local archives.  Local historical 
societies should also be considered as a rich 
source of information. 

3. INVESTIGATION TECHNIQUES 

Planning on-site investigation works in areas of 
historical mining requires careful consideration 



and forethought.  In seams which have been 
completely mined out there may be very little 
trace of the original strata.

Where support has been removed or has 
collapsed it is not uncommon that a combination 
of bed separation of the strata directly overlying 
the removed material, and void migration, can 
result in confusion regarding the positioning of 
the encountered strata in the geological sequence. 
Due to the thickness of known strata having been 
reduced due to working. 

There are a number of methods of investigation 
available these range from non-intrusive 
geophysics a through to intrusive drilling works. 
The merits of these techniques are largely 
dependant on the ground conditions prevalent 
across the area of interest (Table 1). 

Method Advantages Disadvantages 

Surface 
geophysics 

Relatively quick and easy to undertake. 

Relatively this is a low cost option.  

Interpretation can be difficult. 

Can be hindered by thick (>3m) overlying deposits.  This can be 
particularly troublesome in areas of previous high-industrialisation for 
example the Midlands area of the UK. 

Subsurface 
geophysics 

Can be used to locate mineshafts in close 
proximity. 

Depending on ease of access, for the equipment, 
may be a low cost option. 

Requires boreholes or known (safe) mineshaft to already be present to 
allow technique to be used. 

In large open voids it may possible 

Cameras/ echo 
sounding 

Can be used in large open voids in competent 
strata.  For example limestone or metalliferous 
ore  workings  

Again requires an initial method of gaining access to the workings. 

Relatively specialist equipment  

Rotary Drilling 
(Open Hole) 

Relatively low cost when compared to cored 
drilling.   

Can provide very good indication of the 
presence of voids or disturbed ground. 

Interpretation of geological sequence can be vey suspect due to the poor 
quality of arisings. 

Requires constant return of drilling fluid – where fluid is lost in broken 
or disturbed ground the casing may have to be advanced.  Resulting in 
increased difficulty and cost. 

Interpretation is largely based on the skill and descriptions provided by 
the Lead Driller. 

Requires permission to use as a technique (in the UK) 

Rotary Drilling 
(Cored Hole) 

Provides clear visual indication of encountered 
strata. 

Can be very expensive as depth increases. 

Expensive if used at numerous locations within a small site. 

Requires permission to use as a technique (in the UK) 

Excavation Cheap and straightforward intrusive method, Depth limited by the size of the equipment used. 

Requires permission to use as a technique (in the UK) 

Cable Tool 
Drilling  

Cheap and straightforward intrusive method, Limited to shallow depth only. 

Table 1 Summary of popular techniques used to investigate for the presence of mine entries and mine workings on site. 



It should be noted that as with many aspects of 
geotechnical engineering the costs of any 
research, investigation and treatment of 
abandoned mineworkings is not insignificant.  
Desk studies can often costs upward of £3000.00 
(GBP) depending on the site and the complexity 
of the proposed development.  Even for sites that 
require significant treatment works the end result 
can often be that the site appears to be in a very 
similar condition when compared to how it 
appeared prior to the works being undertaken.  It 
is therefore the role of the professional to 
adequately explain to the client the risks inherent 
to the site and to concisely explain the reasons 
for the required investigation and works and the 
benefit they will provide. 

As a consequence of the need to reduce costs the 
professional will often find that interpretation of 
the presence of workings is based on minimal 
information.  Therefore, the importance of a well 
prepared desk study to build into the ground 
model created during the ground investigation 
phase should not be underestimated. 

The end result of the desk and site based 
researches should be the preparation of a risk 
assessment.  The risk assessment should include 
reference to the proposed end use of the site, 
including loadings, foundation selection, 
retaining structures and any other feature that 
may be being proposed. 

4. TREATMENT  

Where investigation, interpretation and risk 
assessments conclude that treatment is required it 
is often undertaken using bulk infilling 
techniques, end tipped stone, or through the use 
of a rotary drilling rig which drills a primary grid 
of boreholes – usually on 6m grid spacing.  
These holes are injected with a pressurised grout.  
Grouts can be mixed using a variety of materials 
but are often a low strength combination of sand 
or Pulverised fuel ash (PFA) and Ordinary 
Portland Cement (OPC). 

Where grout takings are considered excessive – 
based on the depth of the borehole and the 
anticipated volume of worked ground secondary 

and even tertiary drilling may be undertaken on 
progressively smaller grid spacing.   

In areas where workings are known to dip steeply 
(i.e. beyond sub horizontal) or in areas where 
grout takes are considered high.  It maybe 
prudent to inject a ‘grout curtain’ around the 
perimeter of the site to prevent loss outside the 
zone of influence.  This curtain would be formed 
from a more viscous grout mix, often including 
coarse gravels.  The curtain has a steeper angle of 
repose and is injected at closely spaced intervals 
(1-2.5m centres) and creates a barrier beyond 
which the more fluid grouts cannot escape. 

5. MINESHAFTS 

Mineshafts can often pose there own very unique 
problems which may be completely disconnected 
from any issues relating to workings at depth.  
There are thousands of shafts across the British 
Isles in a number of geological materials.  In 
areas where competent rock is close to the 
surface the workings themselves may not prove a 
risk to the public.  For example in Cornwall, in 
the South West of the UK, where shafts 
associated with Tin Mines can be found within a 
few inches of the surface and therefore require 
treatment.  However the worked veins they are 
often associated with may have tens of meters of 
hard igneous rock cover therefore effectively 
protecting the surface from the danger of 
collapse.  In other areas the depth of made 
ground and superficial deposits may result in 
large excavation being required to expose the top 
of shafts to allow treatment works to be 
undertaken.  Alternatively the shafts may be 
underlain by prohibitive thickness of superficial 
materials that would require a much larger 
excavation than is physically possible within the 
confines of the site boundary.  In these cases it is 
not unusual for the shaft to be infilled and then 
protected by creating a bulb of grout over the 
mouth of the shaft.  Although not an ideal 
solution this method has been adopted for use 
across many parts of the UK.   

In filling of the shaft itself is often undertaken 
using bulk infill, such as stone, where the shaft is 
open.  In cases where the shaft cannot easily be 
accessed then t is usually drilled to the base to 



prove the depth – using a platform mounted 
drilling rig for safety, followed by the injection 
of a grout.   

6. CASE STUDY 

In one particular example the author was called 
to a new highway scheme in the UK where a 
drilling and grouting programme had already 
been completed.  However, following high 
rainfall crownholes (depressions caused by 
collapse at depth) appeared across the site at 
formation level.  The site records provided by the 
contractor who had undertaken the treatment 
works identified a number of sub-horizontal coal 
seams at shallow (<50m) beneath the base of the 
excavation works. 

Upon further investigation it became apparent 
that the desk study information had pre-dated the 
construction of the scheme by nearly a decade 
and had not been updated in the intervening 
period.

Mining abandonment plans obtained from the 
Coal Authority identified several worked 
horizons occurring at the levels suggested by the 
drilling records.  Review of the historical 
borehole logs, undertaken some ten years 
previously, showed that they also encountered 
the worked horizons but recorded solid coal.  
Hindsight suggests that the historical boreholes 
had, in the most part, encountered pillars and 
areas outside of the worked zone. 

Figure 2. Coal being extracted from a seam exposed in an 
earthworks cut. 

The earthworks for the scheme involved a deep 
cut operation which at points exposed open 
supported roadways and galleries which were in 
the majority of case sufficiently to large enough 
to suggest that minimal spalling or roof failure 
had occurred following cessation of mining 
operations.  Many of the roadways were 
supported by wooden props which were up to 
300mm in diameter and appeared to be in very 
good condition (Figures 2 and 3).   

Figure 3. Coal being extracted from a seam exposed in an 
earthworks cut. 

The desk study information was updated and a 
new site model created.  The model was then 
successfully used to create a new treatment 
scheme including a number of primary and 
secondary drilling grids and the use of a grout 
curtain to prevent the migration of grout offsite. 

Whist the revise works were successful the resent 
delay to the project while they were undertaken 
and the increased costs associated with the works 
themselves led to an overall increase in the cost 
of the project.  While the cost was unavoidable as 
the rick required additional treatment it was an 
additional cost to the project. 

7. SUMMARY

In areas where historical mineworkings are 
suspected special care and attention must be 
given.  The importance of a fully conceptualised 
ground model should not be ignored.  This is of 
particular importance in areas where historical 



mineworkings are proven by investigation to 
have actually taken place.  Failure to fully 
understand the ground model will likely result in 
delay and increased costs and possibly in the 
worst case situation take a design past it’s 
Ultimate Limit State i.e.,, in the case of a 
structure cause failure or collapse or for a 
highway this may be a unacceptable amount of 
differential settlement. 

REFERENCES 

1. EARL, B. ‘Cornish Mining’, Bradford and 
Barton, 1968. 

2. CIRIA Special Publication 32, ‘Construction 
Over Abandoned Mine Workings’, 1984. 

3. RAYBOULD, T.J. ‘The Economic Emergence 
of the Black Country’, David and Charles, 1973.   

4. WARDELL, K. and WOOD, J.C. ‘Ground 
instability arising from old shallow mine 
workings’. – Proceedings of the Midland Soil 
Mechanics and Foundations Society, 7,  1965. 

Invest in Sweden website: 
http://www.investsweden.se/world/Industries/Mi
ning-minerals-metals/ 



Comparative probabilistic analysis of bearing 
capacity formulae for shallow foundations using 

Monte-Carlo simulation
Olsi Koreta1

PLUS Communication, Department of Deployment, Section of Design and Construction 

Erdi Myftaraga
POLIS University, Faculty of Architecture and Design, Department of Human and Applied Sciences 

ABSTRACT

In order to calculate the bearing capacity of shallow foundations different formulae are used, most of which are based on 
Terzaghi formulation. This formula has been used for a long period and is still broadly in use, but during years several changes 
are made to take into account various factors. The bearing capacity that results from the application of these formulae (qult) is di-
vided by a safety factor (mostly based on previous experience) and the obtained allowable bearing capacity (qall) is used to define 
the foundation dimensions. In order to consider the uncertainties of the soil properties ( to make a proba-
bilistic analysis of the bearing capacity. Using this analysis is possible to give a more accurate judgment about the use of the 
safety factor for different reliability levels. In this paper, a comparison between the deterministic and probabilistic calculations of 
the bearing capacity, using Monte Carlo simulation, is done. This comparison is done in the context of a formula used broadly in 
Albania, which is used to calculate the soil bearing capacity R. This formula differs from Terzaghi formula in some aspects 
and has an incorporated safety factor.
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1 INTRODUCTION 

Calculating the bearing capacity of a shallow 
foundation (footing) may be considered as one of 
the fundamental and basic applications in ge-
otechnical engineering. Despite this, this exercise 
often is surrounded by multiple insecurities and 
uncertainties, and often the results are somewhat 
contradictory. The causes for such result instabil-
ities can be found in various aspects of the pro-

cess of calculation itself. Possibly, the most in-
fluential causes can be the use of many different 
calculation models and formulae. Combined this 
with the large amount of available calculations 
methods, with different codes and standards, 
with soil spatial variation and randomness, with 
subjective engineering judgment, with model un-
certainties, and with soil parameter uncertainties, 
can lead us to different values of the bearing ca-
pacity (calculated for the same situation). This is 



of course an awkward situation, since is not easy 
to decide which value to choose. Unavoidably 
the process may result in less than perfect design, 
some may not be reliable and some overly con-
servative and costly [1].

One of the factors that create variation on the 
results is the used value of the factor of safety 
FS, which is based on previous experience and 
usually ranging from 2.5 to 4 [1]. The application 
of FS usually leads to conservative design and 
this is mainly addressed to the fact that (through 
regulation and tradition) the same value of FS is 
often applied to conditions that involve widely 
varying degrees of uncertainty [2]. Probably, the 
best way to consider properly the amount of un-
certainties involved on a specific case is the reli-
ability analysis, which provides the possibility to 
quantify the level of uncertainty and to make a
more rational decision regarding the chosen val-
ue of bearing capacity. In this paper is intended 
to be done a reliability analysis of the bearing 
capacity of shallow foundations, using different 
calculation formulae, with the aim to define 
which would be the most rational value of the 
FS, applied for the required level of safety.  

This initiative has been encouraged from the 
fact that often the reliability concepts can be ap-
plied in simple ways, without more data, time, or 
effort than are commonly available in geotech-
nical engineering practice [2]. The evaluations of 
reliability, combined with adequate safety fac-
tors, can be seen as a more acceptable way of 
engineering judgment and design. 

2 BEARING CAPACITY EQUATIONS FOR 
SHALLOW FOUNDATIONS 

In 1943 Terzaghi was the first to present a com-
prehensive theory for evaluating the bearing ca-
pacity of shallow rough foundations [3], accord-
ing to the previous work of Prandtl. 
equation has been and remains the most widely 
used formula for this purpose. Several parts of 
the equation have been modified during years to 
take into account various factors (foundation 
shape, depth of embedment, and load inclina-
tion). Since these changes have been made from 
different authors and in a wide time span, we see 

now that the evaluated value of the bearing ca-
pacity depends largely on the form of the equa-
tion used (which on the other hand depends from 
the engi his education). In our 
analysis we are considering various shapes of 
calculating bearing capacity, such as: the ones 

equation in Eurocode 7 and the soil bearing ca-
pacity R equation known in Albania. 

2.1 Terzaghi s equation of bearing capacity 

This equation (also known as the triple N formu-
la) calculates the ultimate bearing capacity for 
continuous foundation as below [3] 

 (1) 

Where 
f = surcharge of the soil above the 

foundation, (Nc, Nq and N ) = nondimensional 
bearing capacity factors depending on soil fric-

, and B = width of the foundation. 
The allowable bearing capacity (qall) can be cal-
culated by dividing qu with an adequate factor of 
safety 

(2) 

In Equation (1) we are not considering the 
correcting factors for foundation shape, depth of 
embedment and load inclination.  

Regarding the bearing capacity factors, many 
proposed formulations, from several authors, ex-
ist and are currently in use. The ones used in our 
calculations are summarized in Table 1 [4].

2.2 Calculating bearing capacity  R 

In Albania a widely used formula for the calcula-
tion of bearing capacity is [5] 

(3) 

Where Rn = normative bearing capacity of soil 
(in accordance with qu), b = width of foundation, 

 soil, c = cohesion of soil, H = 



depth of embedment, (A, B and D) = coefficients 
depending on soil friction angle (in accordance 
with Nc, Nq and N ). The formulae used to calcu-
late the three coefficients are 
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The value of Rn is equivalent with the critical 
pressure that causes local sliding surfaces till the 
depth of 

(5) 

At the end we find the calculating bearing ca-
pacity as 

(6) 

Where R = calculating bearing capacity (in 
accordance with qall), m1 = coefficient of work-
ing conditions of the foundation (depending on 
soil type; range 1.1-1.4), m2 = coefficient of 
working conditions of both foundation and struc-
ture (depending on soil type, structure rigidity 
and dimensions; range 1.0-1.4), and k = coeffi-
cient of reliability (depending on the reliability 
of soil resisting parameters; range 1.0-1.4).

                  Table 1. Bearing capacity factors from different authors 
Author N Nc Nq

Terzaghi p
2

Ktan 1
2 cos q

2

2
a

2cos [( / 4) ( / 2)]

3a exp tan
4 2

Meyerhof q q
2

Hansen q q
2

Vesic q q
2

Eurocode 7 q q
2

3 UNCERTAINTIES IN SOIL
PARAMETERS 

One of the most crucial aspects in every ge-
otechnical design application is the evaluation of 
soil or rock properties. In the case of determining 
the bearing capacity for a shallow foundation, the 
used soil parameters are: the friction angle (

 In order 
to perform a probabilistic analysis, the first step

consists in quantifying the respective uncertain-
ties related to the above parameters. There are 
three primary sources of geotechnical properties 
uncertainties [6]: inherent variabilities (depend-
ing on site conditions), measurement uncertain-
ties (depending on equipment and procedural 
control), and transformation uncertainties (de-
pending on the quality of the correlation model). 
We are considering here that the parameters used 
in the calculations are determined through labor-
atory testing. Many previous publications, from 
several authors, express the range of the coeffi-
cient of variation (COV) for most of soil proper-
ties. We have collected the ones related to the pa-



rameters in our interest, and the data are present-
ed in Table 2 [2] [7] [6] [8]. Due to the very spe-
cific and often unknown circumstances of deter-
mining the COV and due to the wide range of 

values for the same parameter, in our calcula-
tions it has been considered to use the complete 
range of COV. 

Table 2. Values of coefficient of variation (COV) for used geotechnical properties 

Soil property Coefficient of variation 
[%] Source

3-7 Harr (1984),Kulhawy (1992)
3 Harr (1987)

2-13 Harr (1984),Kulhawy (1992)
12-56 (clays) Lee et al. (1983)
5-15 (sands) Phoon & Kulhawy (1999a), Lee et al. (1983)

6-20 Phoon & Kulhawy (1999b)
9 Lumb (1966)

40 (clays) Kotzias et al. (1993)
16 (alluvial) Wolff (1996)
2-5 (sands) Lacasse & Nadim (1996)

5-20 (tailings) Baecher (1983)
10 (sand) LD25 Rehab Report (1992)

Cohesion  (c) or un-
drained shear strength (su)

40 Harr (1987)
13-40 Harr (1984),Kulhawy (1992), Lacasse & Nadim (1997), Duncan

20-50 (clays) Lee et al. (1983)
25-30 (sands) Lee et al. (1983)

5-20 (clay, triaxial) Lacasse & Nadim (1996), Lumb (1974)
10-30 (clayey silt) Lacasse & Nadim (1996), Lumb (1974)

7-40 Phoon & Kulhawy (1996b)

4 CALCULATION EXAMPLE AND 
PROCEDURE 

4.1 Example used 

To compare the bearing capacity from different 
formulae, we are studying the case of a shallow 
strip foundation, carrying a linear uniformly dis-
tributed load (e.g. the foundation under a wall).
The foundation width is B=2m (Fig.1) and it is 
positioned 1.5 below the ground level (Df). To 
consider the influence of the soil type (sandy and 
clayey soils), two type of soils are taken into ac-
count: soil 1 ( 3, friction 
an  cohesion c=10kN/m2) and soil 
2 (unit weight kN/m3, friction an
and cohesion c=30kN/m2).

4.2 Calculation procedure 

The first step of the calculations consists in eval-
uating the deterministic ultimate bearing capacity 
(qu) for the above example using R formula, and 

factors from several authors listed in Table.1). In 
order to compare this formulae from the proba-
bilistic point of view we have used the Monte 
Carlo simulation method, implemented in an ex-
cel spreadsheet. Soil friction angle and cohesion 
are considered as random variables, meanwhile 
the unit weight of the soil is considered as a de-
terministic value, since its coefficient of varia-
tion (COV) is well fewer than 10% [9]. For the 
friction angle the range of the COV (%) is 0 to 
15 (3, 6, 9, 12, and 15), and for the cohesion the 
range of COV (%) is 0 to 40 (10, 20, 30, and 40). 
The mean v n-
tioned in the given example. The influence of the 

k-
ing one parameter as random variable and the 
other as a deterministic value, and vice versa.  



With the mean and the COV o ,
we can calculate the standard deviation s  (and 
sc). Using the Excel function NORMINV 
(RAND(),mean,standard_dev) we generate ran-
dom values of the parameter (random variable), 
which are consistent with the mean and standard 
deviation. The 
(and c) are used as input data to gain the histo-
gram of the ultimate bearing capacity. In this 
procedure are used 10 000 iterations. The histo-
gram enables to calculate the mean and standard 
deviation of qu and R. Using the Excel function 
NORMINV(probability,mean,standard_dev) we
can calculate the bearing capacity for the de-
sired/required level of reliability (e.g. 90%, 
95%). Also, for each level of reliability is possi-
ble to calculate a factor of safety (FS), with 
which the deterministic value should be divided 
to gain the corresponding bearing capacity. 

5 RESULTS 

In Figures1 and 2 are shown the results of deter-
ministic calculations of bearing capacities using 
all the available formulae (described above). As 
is clear, R value is much lower than qu (for all 
formulae). R is conceived as a value to be used 
directly in the calculation of foundation dimen-
sions, without using any safety factor. On the 
other hand, qu is supposed to be divided by a 
safety factor, in the range 2.5 to 4. 

Figure 1. Deterministic bearing capacities for soil 1. 

Figure 2. Deterministic bearing capacities for soil 2.  

In fact, qall values (qu/FS) for FS=3, are very 
similar with R value. This statement is in accord-
ance to deterministic calculations. To take into 
account parameter uncertainties, we can refer to 
the graphs in Figures 3 and 4. 

Figure 3. Relationship between qu and FS with the COV 
of friction angle (soil 1), for 95% reliability. 

Fig.3 shows the variation of qu and FS with 
the COV of friction angle, for 95% reliability. 
From the first graph we can infer that with the 



increasing of COV we have a decrease of the 
bearing capacity, in order to maintain the same 
level of reliability. We have also calculated a 
needed FS, with which the deterministic bearing 
capacity must be divided (second graph). FS in-
creases with the increase of COV. An interesting 
result is that R is less affected by the increase of 
COV of friction angle. 

Figure 4. Relationship between qu and FS with the COV 
of cohesion (soil 2), for 95% reliability. 

The same analysis is done for the COV of co-
hesion (Fig.4). For formulae that calculate qu, the 
effect of COVc has a similar tendency as for 
COV . The values of R are also affected from 
COVc, at the same rate (second graph).

6 CONCLUSIONS 

Although only two soils have been considered in 
the calculations, some valuable conclusions 
could be highlighted. It seems clear and more 
reasonable to use a FS according to the level of 
uncertainty of soil parameters, instead of a fixed 
value taken from previous experience. The value 
of FS should reflect the level of uncertainties in-

volved, in order to have a more rational design. 
The application of a FS > 2.5 may result in con-
servative design, when we have small COV of 
soil properties.  

The normal design practice in Albania implies 
the direct use of R in calculations, without using 
any safety or partial factor. Anyway, for large 

ation of a 
FS may result necessary. This FS seems smaller 
than the one used for qu  and is mostly affected 
from the cohesion value.  

ACKNOWLEDGEMENT 

The authors are grateful to the Organizing Com-
mittee for the opportunity to make this presenta-
tion. The special thanks go to Luljeta Bozo for 
the support provided in the preparation of the pa-
per. 

REFERENCES 

[1] B.H. Fellenius, Bearing capacity of footings and piles-
A delusion?, DFI Annual Meeting, October 14-16
(1999), Dearborn, Michigan. 

[2] J.M. Duncan, Factors of safety and reliability in ge-
otechnical engineering, Journal of Geotechnical and 
Environmental Engineering, Vol. 126 No. 4, (2000). 

[3] Braja M. Das, Principles of foundation engineering,
sixth edition, Thomson Canada Limited, Toronto, On-
tario, Canada, 2007. 

[4] J.E. Bowles, Foundation analysis and design, McGraw-
Hill, New York, 1996. 

[5] L. Bozo, Gjeoteknika 1 - Mekanika e dherave, Tirana, 
Albania, 2005. 

[6] K.K. Phoon, Towards reliability-based design for ge-
otechnical engineering, Special lecture for Korean Ge-
otechnical Society, Seoul, 9 July 2004. 

[7] G.B. Baecher and J.T. Christian, Reliability and statis-
tics in geotechnical engineering, John Wiley & Sons 
Ltd, England, 2003. 

[8] U.S. Army Corps of Engineers, Reliability Analysis and 
risk assessment for seepage and slope stability failure 
modes for embankment dams, ETL 1110-2-561, 31 
January 2006. 

[9] F.H. Kulhawy, K.K. Phoon and W.A. Prakoso, Uncer-
tainty in basic properties of geomaterials, GeoEng 
2000, Melbourne, Australia, 19-24 November 2000. 















Comparison between results of static pile load 
testing, PDA results and calculated bearing 

capacities for pile design on the bridge over river 
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ABSTRACT 

On the Corridor Vc in the Republic of Croatia, bridge over the river Drava has been designed. The Corridor Vc is a part of the 
TEM network infrastructure of Southeastern Europe, passing from Budapest (Hungary), through Osijek (Croatia), Sarajevo
(B&H), up to the Port of Plo e (Croatia). Bridge over the river Drava is 2485 m long. The bridge is designed like cable-stayed
bridge, with 100 +220 +100 long spans, and concrete semi-prefabricated structure on the river banks (approximately 35 m long 
spans). The heights of the pylons are 75 m. All piers are placed on 150 cm, 19, 22, 25 and 30 m long bored piles, in layers of
uniform graduated loose to medium dense sands. In the design stage four static pile load tests have been performed. PDA tests 
were performed on same piles. Additional 40 PDA tests will be performed on piles in the construction of the bridge.
Comparison between results of static pile load tests with PDA results and comparison with the calculated bearing capacities will 
be shown in this paper (Reese and O'Neill -   method, calculation of pile bearing capacities from CPTU tests). 

Keywords: Static pile load tests, PDA tests,  method, Measuring 
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1 INTRODUCTION 

The bridge over the river Drava is part of the In-
ternational Pan-European road corridor Vc and 
one of the most important part of the TEM / TER 
Project. The route of the highway is part of a 
European network E73, which connects northern 
Europe with the Adriatic, passing Budapest 
(Hungary), via Osijek (Croatia), Sarajevo (B & 
H) to the port of Plo e (Croatia). 

The bridge is designed like cable-stayed 
bridge and concrete semi-prefabricated structure 
on the river banks (approximately 35.0 m long 
spans). The length of the bridge is 2485,0 m. 

Structure of the main span is suspended steel-
concrete composite box (100.0 +220.0 +100.0 m 
long spans). Main span consists of composite 
steel beams, reinforced concrete pylons and ca-
bles. A reinforced concrete pylon is A shaped 
with height of 75.0 m. All piers are placed on a 
reinforced concrete, 150,0 cm, 19, 22, 25 and 
30 m long bored piles. 

According to reference [1], relating to the de-
termination of bearing capacity of piles, the four 
characteristic sites are chosen for static and dy-
namic pile load tests. In reference [2] the four 
test locations are defined as trial fields (two on 
each side of the river bank). Tests on the test 
field P1 (pier S19) and test field P2 (Pylon S1g) 
were conducted by Institut IGH, Department of 



Geotechnical Engineering. The procedures and 
test results will be presented in this paper. 

2 GEOTECHNICAL PROPERTIES OF SOIL 

The soil profile is as follows: 
Up to a maximum depth of 2,8 m, 4,0 m in 
places, extending from the surface, layers 
of clay and silt, low and high plasticity, 
mainly medium stiff to stiff consistency, 
gray-brown colored 
To the testing depth, around 35 m, soil lay-
ers are uniformly graded and medium-
grained sand, with silt mixtures (SW, SU, 
SU / SM), loose to medium density, gray 
colored. The percentage of clay and silt 
particles is generally about 10-25%. 
CPTU cone resistances and the SPT blow 
counts (N60) generally increase with depth. 
On individual boreholes and CPTU probes 
the low plasticity silt layer, medium stiff to 
stiff consistency (cu = 60 -> 150 kPa from  
CPTU tests, Nkt = 20) at a depth of about 
15,5, and about 21,0 to 24,0 m. 
SPT:  N60=3-25. 
The groundwater level at the time of testing 
was registered at a depth of 3-5 m. There 
may be substantial changes in groundwater 
levels (and ground flooding) during the 
year, that are related to the water level of 
the river Drava. 

3 PILE BEARING CAPACITY 
ASSESSMENT BY CALCULATION 

Bearing capacity of test piles will be determi-
nated using two different methods: 

 method, according to Reese et all [6]. 
Directly from the results of CPTU tests - 
Bustamante and Gianeselli method [7] 

Length of the test piles was 20,0 m in the 
ground with a diameter of 80,0 cm. Test piles 
have smaller dimensions from the piles in the 
bridge structure, because the static pile load test-
ing of a greater pile length and diameter require a 
unreasonable test structure and measurement 

equipment for that magnitude of load applica-
tion. 
Table 1 Results of pile bearing capacity assessment 

Pile bearing capacity (kN) 

Test field P1 (S19) Test field P2 (pylon 
S1g) 

Calculation 
method 

Qs Qb Qult Qs Qb Qult 
 method 3101 577 3678 3101 577 3678 

Bustamante 
and Giane-
selli 
method 

2828 3400 6238 1884 3100 4984 

From the results of pile bearing assessment it 
is clear that different calculation method give 
very different values of pile bearing capacity. 
Besides the big differences in the total pile bear-
ing capacity there is a great difference between 
pile shaft and base resistances.  method is an 
empirical method developed on interpretation of 
a numerous static pile load tests in similar geo-
technical conditions and is of recent date, and as 
such is taken as representative. The second 
method gives unrealistic high pile base resis-
tance. 

It is concluded that the maximum expected 
bearing capacity is Qmax = 5000 kN. 

4 STATIC PILE LOAD TESTING 

4.1 Equipment used for testing 

4.1.1 Apparatus for applying loads 
Load is transferred from the main steel beams to 
the secondary beam, and further through the an-
chor piles into the ground. Apparatus for the pile 
load test consists of: 

Four anchor piles 16,0 m long with 80,0 cm 
diameter, spaced at 4.3 m from 
axis,(spaced at 3,8 D from the test pile - 
minimum spacing required by reference [3] 
is 3.5 D).  
Geotechnical prestressed anchors 9x 0,62'' 
= 9 x 150 = 1350 mm2, embedded in ten-
sion piles. The fixed anchor length is 8,5 m 
long and is extending nearly to the pile 
base. Free anchor length is stretching to the 



peak of the secondary beams where the an-
chor is prestressed at force Po = 1375 kN 
Steel beams for applied load transfer to the 
tensile piles. The structure is consisted of a 
main beam 5,6 m long, and two secondary 
beams 5,6 m long. These beams are to-
gether placed in a horizontal H position in 
which the secondary beams are in H verti-
cal and main beams H horizontal position. 

Figure 1 Schematic set-up of apparatus for applying loads 

4.1.2 Hydraulic jack 
Axial compressive force is applied to the pile us-
ing the hydraulic jack capacity of 8000 kN. Cen-
ter of compressive force is achieved using a 
spherical joint at the top of the piston press. 

4.1.3 Measurement equipment and instrumen-
tation 

Loads at pile head are measured by a load cell of 
10000 kN capacity, mounted directly above the 
hydraulic jack. Pile head displacements were 
measured using 4 digital strain gauges over alu-
minum reference beam 8 m long. Measurement 
accuracy was 0.001 mm. 

Figure 2 Apparatus for static pile load testing. 

4.2 Load step sequence 

Static pile load testing was conducted in accor-
dance with reference [3]. The maximum pile load 
(QL = 5000 kN) is defined according to the pile 
baring capacity calculated in reference [2]. The 
adopted collapse criterion is to realize the verti-
cal pile displacement at magnitude of 10% of 
pile diameter (  8 cm). Pile is loaded in two 
stages (see Figure 3). The unloading steps serve 
to show the elastic and plastic components of the 
pile head displacement. A load of 500 kN is a 
"datum load" - the start of measurement. In the 
first phase the pile was loaded up to 50% of final 
test loading - up to 2500 kN. In this way any 
downtime and contact system adjustments was 
eliminated. In the second phase the pile was 
loaded to the maximum test load. 

Figure 3 Load step sequence – two-cycle loading 



4.3 Review and interpretation of test results 

The measurement results will be displayed for 
interpretation in the form of equivalent diagrams: 

Relation between load and displacement of 
the pile head after displacement stabiliza-
tion - Figure 4. 
Increase of pile head displacement under 
constant load (creep) as a time function 
Figure 6 and 7. 
Presentation of creep under constant load - 
relation between load and displacement in 
the same increment of time - Figure 5. 

During the test the creep was controlled 
(increase of displacement at constant load) of the 
pile in the last 30 minutes of each increment. The 
creep load, Qc, is defined as the intersection of 
two lines which represent average values of 

si,30'. Based on the test result interpretation the 
critical creep load was determined for test pile. 

Figure 4 Load-displacement diagram for pile head 

Figure 5 Creep load (QC) determination 

Figure 6 Pile head displacement under constant load, test 
field P1 (pier S19) 

Figure 7 Pile head displacement under constant load, test 
field P2 (pylon S1g)  

As a criterion for determining the pile bearing 
capacity from the measured load-displacement 
diagram (Figure 4) the load that gives 
displacement more than 10% of pile diameter (8 
cm) was adopted. 
Table 2 Results of static pile load testing 

Test field Pier 

Maximum 
test load-
ing = pile 
bearing 
capacity 
Qult (kN) 

Creep load 
Qc (kN) 

P1 S19 4500 3200 
P2 S1g  -  

pylon 
4250 3400 



From the diagram shape (Figure 4 and 5) we 
can conclude that the piles had expected load-
displacement behavior during the test. Although 
piles haven t expressed the collapse load from 
the load-displacement curve shape (Figure 4) it is 
clearly showed that the displacements 
progressively increase at small load increase 
(nonlinearity). Also the creep of pile at the 
maximum load increment was very high and it 
was not possible to sustain the constant load. 

5 DYNAMIC PILE LOAD TESTING (PDA) 

Dynamic pile load testing procedure, accompa-
nied by an instrument, "Pile Driving Analyzer" 
(PDA), was analyzed with computer program 
"CAPWAP" and used to determine the static 
bearing capacity of piles. 

5.1 Energy input system 

For energy input for performance of dynamic 
load test, we used a special designed structure 
with the 12 tons weight. Maximum free fall of 
weight is 3 meters, Figure 8. 

5.2 Test sequence 

On pile on which the test was carried out the sen-
sors for measuring strain and acceleration ware 
attached, mounted axially symmetrically on each 
side, approx. 1,2 m under the pile head, parallel 
to the pile axis. Two acceleration gauges, and 
four strain gauges ware used. For each pile three 
weight blows were recorded. Permanent pile dis-
placement after each blow was geodetically 
measured and had a value of 1-4 mm per blow. 

Figure 8 Dynamic pile load testing on the test field P2 

5.3 Analysis and test results 

After dynamic load test derived analogue load 
and displacement data are digitized for computer 
analysis of the IBM-PC computer program 
CAPWAP (CAPWAP® - GRL Engineers, Inc. 
Copyright©1997-2006 Pile Dynamics, Inc. 
USA), which base is wave equation. Pile and 
ground model we represent with one of the 
measured curves, and with iterations (changing 
pile and ground models) we look for the best 
overlap of the measured and calculated curves. 
When we achieve a satisfactory overlap of the 
curves, soil properties of model and ultimate 
bearing capacity of tested pile are known. Grad-
ual loading so obtained pile and ground model 
(computer simulation of static pile load test) we 
get graphically display of the load-displacement 
for the tested pile (Figure 9 and 10). The end re-
sult is the ultimate bearing capacity of test pile. 

Figure 9 Load-displacement diagram for pile head on test 
field P1 



Figure 10 Load-displacement diagram for pile head on test 
field P2 

Table 3 Results of dynamic pile load testing 

Test field 

Ru (kN) 
Total 
bearing 
capacity 

Rs (kN) 
Shaft resistance 

Rb (kN) 
Base pile resis-
tance 

P1 4773 3833 940 
P2 4424 3597 827 

6 CONCLUSION 

By comparing the pile bearing capacities of the 
static and dynamic pile load testing, excellent 
matching is observed. The PDA test gives about 
5% higher values. It can also be observed that the 
ratio of shaft and pile base resistance calculated 
and from PDA test is very similar 
(Qb/Qtot 15%, Rb/Ru 18%). PDA results are 
encouraging and suggest that the relatively ex-
pensive and complicated static test can be re-
placed with a larger number of PDA tests that 
can be done quickly and easily. During the test, 
piles had expected load-displacement behavior. 
The tested pile bearing capacities, Qult,, are 21% 
and 15% higher than the calculated values, Qtot. 
Deviations of calculated pile bearing capacities 
from tested values of 20% in the geotechnical 
practice are considered excellent. 

Table 4 Results of calculated, static and dynamic pile tested 
bearing capacities 

Pier 

Pile bear-
ing capac-
ity as-
sessment 
(
method) 
Qult 
(kN) 

Static 
test 
bearing 
capacity 
Qult 
(kN) 

Static 
test 
creep 
load 
Qc 
(kN) 

Dynamic 
test bear-
ing capac-
ity 
Ru 
(kN) 

S19 3678 4 500 3 200 4773 
S1g - py-
lon 3678 4 250 3 400 4424 
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ABSTRACT 

Within the context of the Scheldt Quays Masterplan, the stabilization of the dilapidated historical quay walls was put to study. 
For drawing up the geotechnical dossier all available geological and geotechnical information along the quay wall section was
collected; beneficial use could be made of the Regional Database of the subsoil of Flanders (DOV). Based on this inventarisation 
an extensive program of in situ tests and complementary monitoring and laboratory tests was elaborated. 
Analysis of the investigation data resulted in a characterisation of the soil layering and corresponding soil parameters. 
The schematic geotechnical profile consists of an upper layer of fill material, overlaying a dense tertiary sand layer (Berchem 
Formation) and the very stiff overconsolidated Boom clay.  
The foundation level of the quay wall is situated just above or in the Boom clay. The excavation works for the foundation result-
ed therefore in a stress relief of the upper part of the clay layer. Quite rapidly after construction important horizontal defor-
mations of the quay wall as a whole appeared. Due to this movements, design of stabilized walls should be performed on basis of 
residual shear strength parameters derived from direct shear tests. 
To determine the water pressure distribution along the quay wall open standpipes (in the sand layers) and closed piezometers (in 
the Boom clay) were continually monitored and tidal variations were noted. Furthermore a long time CPTU dissipation test was 
performed in the Boom clay. 
 The extensive geotechnical design resulted in an economic and sustainable design for the stabilized quay walls.  

Keywords: geotechnical investigation, Boom clay, monitoring, residual shear strength, dissipation test 

1 INTRODUCTION 

The historical quay walls along the river Scheldt 
in Antwerp were built late 19th century and con-
sist of gravity walls in brickwork construction 
built upon steel caissons filled with concrete. 
Figure 1 shows a cross section of the wall. 
 Quite rapidly after construction important hori-
zontal deformations of the quay wall as a whole 
appeared (as a result being referred to as the 
walking quay walls). Prop boxes  placed at the 
toe of the gravity wall were intended to resolve 

the stability problems t-
isfactory.  
The Scheldt Quays Masterplan generates an 
overall vision for the future use of these quays, 
also resolving specific questions of mobility and 
parking, with respect for the historical heritage. 
Within this context the stabilization of the dilap-
idated historical quay walls was put to study.  

The total trajectory of the quay walls has a 
length of about 5,5 km and is divided into 6 dif-
ferent zones. This paper gives a description of 
the in situ and laboratory testing and monitoring 



program for determination of the geotechnical 
design conditions for the stabilization study. This 
paper will further focus on zone 4 (Figure 2).    

Figure 1. Cross section quay wall. 

Figure 2.  Trajectory quay walls- zone 4. 

2 AVAILABLE GEOLOGICAL AND 
GEOTECHNICAL INFORMATION 

For drawing up the geotechnical dossier all 
available geological and geotechnical infor-
mation along the quay wall section was collect-
ed.  

Figure 3. DOV- output zone 4

Beneficial use could be made of the Regional 
Database of the subsoil of Flanders (DOV). Fig-
ure 3 shows the DOV-output of zone 4 with all 
available cone penetration tests (CPT) and bor-
ings. Based on this inventarisation an extensive 
program of in situ tests and complementary mon-
itoring and laboratory tests was performed [1]. 

3 GEOTECHNICAL INVESTIGATION 

3.1 Field testing 

performed  every 50m 
along the quay wall trajectory. Figure 4 shows a 
typical CPT plot. The upper layer consists of fill 
material (refill during the construction of the 
wall), overlaying a dense tertiary glauconite sand 
layer (Berchem Formation) and the very stiff 
overconsolidated Boom clay.  

s 
perpendicular to the quay wall to determine the 
expanse of the fill. 



Figure 4. CPT soil profile. 

The foundation level of the quay wall is situ-
ated just above or in the Boom clay (see also fig-
ure 1). The excavation works for the foundation 
resulted therefore in a stress relief of the upper 
part of the clay layer. Furthermore, due to the in-
stability problems, the design of the stabilization 
should be performed on basis of residual shear 
strength parameters of the Boom clay. Therefore 
borings with discontinuous sampling were per-
formed and undisturbed samples were taken for 
laboratory testing.  

To determine the water pressure distribution 
along the quay wall, open standpipes were placed 
in the sand layers and closed piezometers in the 
Boom clay. Tidal variations became clear.  

 Also a long time CPTU dissipation test was 
performed in the Boom clay.  

The results are discussed further in this paper.  

3.2 Laboratory testing 

The laboratory investigation program on the 
undisturbed samples focused on the determina-

tion of the geotechnical parameters of the Boom 
clay.   

The standard laboratory tests (soil identifica-
tion tests, oedometer  tests, CU and UU triaxial 
tests  were performed  on all samples.  

For the Boom clay samples, additional direct 
shear tests, Bender element tests and falling head 
permeability tests were performed.  

4 EVALUATION GEOTECHNICAL DATA 

4.1 Geotechnical parameters Boom clay 

4.1.1 Shear strength 
For deriving the peak values of the shear 

strength characteristics of the Boom clay, CU- 
triaxial tests were performed as follows: after 
applying  a back-pressure of 100 kPa (for satura-
tion), isotropic consolidation is performed with 
consolidation stresses calculated on the basis of a 
geological overburden of 90m sediment. Consol-
idation stresses of ½, 1 and 2 times the spherical 
effective stress are applied.  Then vertical stress-
es are applied until failure. In figure 5 an exam-
ple of a stress path is given.  

Figure 5. CU-triaxial test Boom clay. 



A statistical regression analysis is performed 
on the CU-triaxial tests (at 95% confidence for 
the mean value). Figure 6 shows the p-q data plot 
of the Boom clay samples of zone 4 at maximum 
deviatoric stress. Only the samples in the rele-
vant stress area were considered. 

        Figure 6. Regression analysis peak Boom clay 

The upper part of the clay layer was subjected 
to a stress relief due to the excavation works for 
the foundation of the quay wall. In the CPT pro-
files, this stress relief is indicated by the lower 
cone resistances in the upper first meter of the 
Boom clay. Due to the limited thickness of this 
upper layer not enough samples were available  
to perform a regression analysis. Therefore, a 
rule of thumb was used to set the shear strength 
parameters, namely a halving of the cohesion 
value with unchanging shearing angle.  

To determine the residual shear strength pa-
rameters, direct shear tests were performed. Fig-
ure 7 shows a typical graph. Residual shear stress 
was derived at a horizontal displacement of 7 
mm (where the curve stays flat behind the peak 
in all direct shear tests).  

Figure 7. Direct shear test Boom clay.

In figure 8 the residual shear stress was plotted 
against the vertical confining stress. The value 
= 15° proposed by De Beer seems to be a good 
assumption for the friction angle of residual 
Boom clay [2]. Because of  the large number of 
tests, a mean value is acceptable.  

Figure 8. Shear strength parameters Boom clay. 

4.1.2 Stiffness moduli 
The small strain shear modulus G0 was derived 

from Bender element tests. In figure 9 G0 is plot-
ted against the confining stress.  

Figure 9. G0-values from Bender element tests Boom clay. 

The oedometer modulus Eoed was derived from 
the consolidation tests. In figure 10 the results 
are plotted against the depth (mTAW).  Via the 

an be 
calculated. In the finite element calculations 
(Plaxis) the following values were used:  

Eref = 9000 kN/m² ; Einc= 400 kN/m²/m. 



Figure 10. Eoed from compression test Boom clay. 

4.2 Waterpressure distribution 

The waterpressure distribution around the quay 
wall is depending on the tidal variations in the 
river Scheldt. Because of the importance of im-
porting the right water pressures in the calcula-
tions of the stabilization design, an extensive 
monitoring program was executed.  

In the boreholes, performed just behind the 
quay wall, closed piezometers were installed in 
the Boom clay.  

In different boreholes open standpipes were 
placed, equipped with divers (data logger for au-
tomatic continuous measurement of water pres-
sure). Open standpipes were placed in the tertiary 
sand layer and in the upper fill material. A diver 
data logger  on the riverside of the quay wall was 
to monitor the water level in the river Scheldt at 
the same location. 

Figure 11 shows the  diurnal variation of meas-
ured water levels.  

Figure 11. Measured water levels (just behind the quay wall).  

The following conclusions can be drawn con-
cerning the water levels just behind the quay 
wall: 

The phreatic level in the fill material shows 
little variations due to the tide in the river 
Scheldt 
The tidal variations in the tertiary sand lay-
er amount to about 1m max 
The closed piezometers in the Boom clay 
show tidal variations up to 2m. 

Furthermore a long time CPTU dissipation test 
was performed (just behind the quay wall) at dif-
ferent depths in the Boom clay. Figure 12 shows 
pore pressure against time in the Boom clay. The 
river level was also plotted in the graph and we 
can conclude that there is no time delay between 
high tide and rise in the pore water pressure of 
the Boom clay. The tidal variations are like an 
overburden for the nearly impermeable Boom 
clay. Due to the short time span, all tidal varia-
tions are transferred to the pore water pressure.  

Figure 12. Long term CPTU dissipation test Boom clay. 

To determine the water pressure distribution in 
front of and under the quay wall, a fully coupled 
stress/pore pressure analysis using Sigma/w- 
modeling was performed and the calculated wa-
ter levels behind the quay wall were checked 
with the measured values [3]. Figure 13 shows 
the calculated water level. A good correspond-
ence was found (compare to figure 11).  



Figure 13. Calculated water levels just behind the quay wall. 

Thanks to the monitoring and the Sigma/W- 
modeling, a clear understanding of the water 
pressure distribution in the different soil layers 
was obtained. Figure 14 and 15 show the distri-
bution at high water, respectively low water lev-
el.  

Figure 14. Sigma/W model high water.  

Figure 15. Sigma/W model low water. 

5 STABILIZATION DESIGN 

The stabilization calculations are finished for 
zone 4. Stabilization of the quay walls will be 
accomplished by injection of the cavities in the 
masonry, placing cross screens underneath the 
foundation caisson by VHP-grouting and drilling 
grout anchors (see figure 16).  

Figure 16. Stabilization design.  

The stabilisation of a first section of the quay 
walls will start soon.  

6 CONCLUSIONS 

An extensive geotechnical investigation pro-
gram (which includes in situ tests, laboratory 
tests and monitoring) was elaborated with em-
phasis on the geotechnical parameters of the 
Boom clay and the water pressure distribution 
around the quay wall.  

This resulted in an economic and sustainable 
design for the stabilized quay walls. 
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Seismic Performance of Caisson Supported 
Structures 
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ABSTRACT 

A numerical study of a 3D nonlinear soil-foundation-structure system is performed under the prism of a new "capacity design" 
principle, in which soil "failure" mechanisms are deliberately mobilized to protect the superstructure. For caisson supported sys-
tems this involves material and geometric nonlinearities such as soil inelasticity, separation (gapping) between the caisson and 
the soil, slippage at the soil–caisson interface, base uplifting, and perhaps even loss of soil strength (e.g. due to development of 
excess pore water pressures). To investigate the effectiveness of such an approach, simple structures of varying deck mass, simu-
lating heavily or lightly loaded structures founded through similar rigid cubic caissons on a 2-layer soil stratum are used as ex-
amples. Two alternatives are compared: one complying with conventional capacity design, with over-designed foundation so that 
the soil is marginally plastified (the plastic hinge on the column); the second design follows the new approach in which the 
foundation is under-designed, thereby "inviting" the plastic “hinge” below ground surface. The comparison is performed through 
Incremental Dynamic Analysis (IDA), where the alternatives are subjected to several ground motion records, each scaled to mul-
tiple levels of intensity. IDA curves are produced for a variety of intensity and damage parameters describing both the maximum 
and the residual response of the system. The results emphasize the beneficial role of foundation nonlinearities on reducing the 
seismic demands of the superstructure.   

Keywords: Caisson foundations, Dynamic soil-structure interaction, Soil and interface nonlinearities, Incremental Dynamic 
Analysis (IDA), Engineering Demand Parameters (EDP) 
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1 INTRODUCTION 

The seismic design of structures is based on ca-
pacity design approaches, where the structural 
response is presumed ductile. The concept of 
ductility design for foundation elements is still 
new in earthquake engineering practice. In es-
sence, the capacity design methodology explicit-
ly considers the problem of determining the fail-
ure mechanism of structural members and 

ensures that regions of inelastic deformation are 
carefully detailed to provide adequate structural 
ductility, without transforming the structure into 
a mechanism. Elastic response of the foundation 
is usually ensured by increasing the structural 
strength of the foundation so that plastic hinging 
occurs in the superstructure instead of the foun-
dation. The possibility of soil yielding, denoting 
the non-linear inelastic soil response without 
necessarily resulting in bearing-capacity failure, 



is forbidden in existing regulations, codes and 
specifications. In simple geotechnical terms, the 
designer must ensure that the foundation system 
will not even reach a number of “thresholds” that 
would conventionally imply failure. For the case 
of deep caisson foundations, this indicates that 
passive and shear failure along the sides and the 
base is prohibited, introducing appropriate 
“overstrength” factors plus factors of safety larg-
er than 1 against each “failure” mode, as in static 
design. Although such a restriction may, at first, 
appear reasonable (the inspection and rehabilita-
tion of foundation damage after a strong earth-
quake is not a trivial task), it may lead to 
unconservative oversimplifications, especially in 
strong earthquake loading where geometric non-
linearities and soil inelasticity are usually una-
voidable (separation (gapping) between the cais-
son shaft and the soil, slippage at the soil–
caisson shaft interface, base uplifting). Therefore 
neglecting such phenomena prohibits the exploi-
tation of strongly non-linear energy dissipating 
mechanisms in defense of the superstructure in 
case of occurrence of ground motions larger than 
design. In fact, recent research on surface foun-
dations suggests that soil compliance and subse-
quent soil–foundation plastic yielding may be 
beneficial, and should be considered in the anal-
ysis and perhaps allowed in the design [e.g. 2, 3, 
4].  
In this framework, the present study aims to in-
vestigate the effectiveness of the new capacity 
design (compared to conventional capacity de-
sign) of caisson supported structures, through 3-
D Incremental Dynamic Analysis (7). IDA is a 
powerful tool to assess the global and local ca-
pacity of structures, by subjecting the soil-
structural model to several ground motion rec-
ords, each scaled to multiple levels of intensity, 
providing thus useful inputs for applications of 
performance-based evaluation. The comparison 
is performed between structures founded on 
similar caissons, while varying the mass and the 
height of the superstructure. In total, the response 
of four (4) idealized configurations is studied: (a) 
two corresponding to a conventionally and an 
un-conventionally designed foundation resulting 
from a "heavy" superstructure (safety factor for 
static loading FSV = 2.5), and (b) two corre-

sponding to a conventionally and an un-
conventionally designed caisson resulting from a 
"light" superstructure (safety factor for static 
loading FSV = 5).  

2 PROBLEM DEFINITION AND 
ANALYSIS METHODOLOGY 

2.1 Problem definition

The studied problem is portrayed in Figure 1: A 
mass-and-column structure is founded through a 
rigid cubic caisson of side h = 10 m in a 20 m 
thick 2-layer cohesive soil stratum. The soil is 
considered to be undrained with Su = 65 kPa at 
the upper 6 m and Su = 130 kPa at the lower 14 
m. The mass-and-column superstructures are 
modeled as SDOF oscillators. The mass of the 
deck, m, is given parametrically the values of 
5400 and 2700 Mg, corresponding to a static fac-
tor of safety FSV = 2.5 ("heavy" superstructure) 
and FSV = 5 ("light" superstructure) respectively. 
The alternative design approaches, conventional 
and un-conventional for each case of FSV, are 
represented by two different column heights. In 
total, a set of four structural configurations are 
analysed.  

Figure 1. Overview of the 3D Finite Element model used in 
the analysis. 

The height of the superstructure is calculated 
from static pushover analysis, so that it deliber-



ately matches a "target" critical (yielding) accel-
eration (ac,f) associated with bearing capacity of 
the foundation. Structural yielding is then either 
prevented (un-conventional design) or pursued 
(conventional design) by designing the super-
structure for a critical acceleration ratio  < 1 

or   > 1  respectively, where  ac,str is the crit-

ical super-
structure. Since the superstructure is modeled as 
SDOF oscillator, the horizontal force at the top 
of the caisson is related to the overturning mo-
ment at failure according to: M = m · ac,str · H.  
To compare the seismic performance of the two 
alternative design schemes on a 'fair' basis, the 
critical acceleration ratio, rmax, defined as: 

strc,fc,

strc,fc,

max

             (1) 

is kept constant for all cases considered, and de-
liberately set equal to 2.67. Assuming ac,f = 0.3 g 
for the un-conventional design, condition (1) 
leads to ac, str = 0.8 g. Likewise, assuming ac,f = 
0.8 g for the conventional design, condition (1) 
leads to ac, str = 0.3 g. The four model configura-
tions are summarized in Table 1: 

2.2 Numerical and constitutive modeling

The problem is analysed with the use of the 
finite element code ABAQUS. Both caisson and 
soil are modeled with 3D 8-noded solid ele-
ments, assuming elastic behavior for the former 
and nonlinear for the latter. The superstructure is 
modeled with 3D nonlinear Timoshenko beam 
elements. The caisson is connected to the soil 
with special contact surfaces, allowing for realis-
tic simulation of the possible detachment and 
sliding at the soil-caisson interfaces. The soil 
stratum reaches 10 m deeper than the caisson 
base, thus having a negligible influence on the 
response. To ensure uniform stress distribution at 
the head of the caisson, the nodes of the associat-
ed elements are tied through appropriate kine-
matic constrains. For the total stress analysis un-
der undrained conditions, soil behavior is 

modeled through a nonlinear constitutive model 
(5) which is a slight modification of a model in-
corporated in ABAQUS. It uses the Von Mises 

y related to the 
undrained shear strength Su as 

               (2) 

along with a nonlinear kinematic and isotropic 
hardening law, and an associative plastic flow 
rule. The model parameters are calibrated to fit 
published G  curves of the literature. Rayleigh 
damping, representing material damping, is taken 
equal to 5% between the eigenfrequency of the 
soil deposit and the dominant frequency of the 
earthquake ground motion. Appropriate kinemat-
ic constraints are imposed to the lateral edges of 
the model, allowing it to move as the free field 
(6). 

The nonlinear behavior of the superstructures 
is described by a simple hyperbolic backbone 
curve in moment (M) k) space, de-
fined as: 

(3) 

where EI the initial structural bending stiffness, 
calculated from the geometric characteristics of 
each cross section and the elastic properties of 
the reinforced concrete, and My the ultimate 
strength associated with the critical acceleration 
(ac, str). 
Table 1. Summary of the model configurations used in the 
analyses 

m
(Mg) 

H
(m) 

ac : critical spectral 
acceleration 

Design 
paradigm 

model 1 2700  46 
0.3g (foundation)    

0.8g  (superstructure) 
under-

designed 
foundation    

model 2 2700  12 
0.8g (foundation)    

0.3g (superstructure) 
over-

designed 
foundation   

model 3 5400  18 
0.3g (foundation)    

0.8 g (superstructure) 
under-

designed 
foundation   

model 4 5400  1.5 
0.8g (foundation)    

0.3 g (superstructure) 
over-

designed 
foundation    



3 INCREMENTAL DYNAMIC ANALYSIS

Incremental Dynamic Analysis (IDA) is a 
powerful analysis method that offers thorough 
seismic demand and capacity prediction capabil-
ity [7]. It involves a series of nonlinear dynamic 
analyses time-history analyses under suitable 
scaling, aiming at covering the entire range of re-
sponse, from elasticity to collapse., selecting 
proper Engineering Demand Parameters (EDPs) 
to characterize the structural response and an In-
tensity Measure (IM) to represent the seismic in-
tensity. The output of an IDA is an IDA curve, 
i.e. a plot of a selected IM versus a selected EDP. 
Similarly, an IDA curve set is a collection of 
IDA curves of the same structural model under 
different records that have been parameterized on 
the same IM. 

3.1 Intensity measure and Earthquake 
Demand Parameters

Different options are available for the IM to 
be used in the IDA curves. In this paper, howev-
er, a single IM is used, and in particular the PGA 
calculated at the free-field (top of soil profile). 
Though the PGA is not the most representative 
IM, it is preferred among others due to the inher-
ent difficulty in determining a priori the IM at 
the surface for a given input acceleration time 
history. Without any doubt, the PGA is the most 
suitable IM to be approximately estimated 
through 1-D deconvolution analysis. 

Selecting an EDP is application-specific. In 
this paper two EDPs are considered, which are 
known to relate well to structural performance 
and global dynamic instability: 

The maximum ductility demand of the 
soil–caisson–structure system: max{ }, 
defined as the ratio of the maximum dis-
placement of the system umax, imposed by 
an earthquake, to the yield displacement uy, 
which is a soil–caisson-structure system 
property: 

y

baseestructur
max

mass
max (4) 

where is the caisson rotation and H the 
structure height. The yield displacement uy
is assessed through static push-over anal-
yses of the alternatives, according to the N2 
method of Eurocode 8 [1]. 
The maximum caisson rotation, max

3.2 Record suite

An ensemble of 10 records has been chosen as 
base excitation. The selected records, presented 
in Figure 2, cover a wide range of seismic mo-
tions, ranging from medium intensity (e.g. 
Kalamata, Aegion) to relatively stronger (e.g. 
Lefkada-2003, Imperial Valley), and to very 
strong accelerograms characterized by forward-
rupture directivity effects, or large number of 
significant cycles, or fling-step effects (e.g. 
Takatori, JMA, TCU).  

Figure 2. Real earthquake records used for analysis of the de-
sign alternatives, along with their elastic spectra. 

In this work, the seismic records are appropri-
ately scaled so that 5 ascending target PGA val-
ues of free-field motion, namely 0.1 g, 0.2 g, 0.3 
g, 0.4 g and 0.6 g, are calculated at the top of the 
soil profile through 1-D deconvolution analysis. 



Obviously, since IDA involves nonlinear wave 
propagation, the actual computed PGA from 
each scaled record will differ from the targeted 
one. The reason for examining PGA values 
smaller than 0.6 g lies in the shear strength of the 
soil. Stronger signals would produce intense soil 
yielding which, in turn, would either significant-
ly attenuate the transmitted seismic waves or 
even leading to bearing capacity failure.  

4 ANALYSIS RESULTS AND 
DISCUSSION  

The comparison of the performance of the de-
sign alternatives through the IDA curves gener-
ated from the analysis results is presented in Fig-
ures 3 5 for the two most representative cases: 
model 1, lightly loaded under-designed founda-
tion and model 4, heavily loaded over-designed 
foundation. The IDA curves for the systems’ 
maximum displacement ductility demand ( ), as-
sociated with structural distress, are portrayed in 
Figure 3. Undoubtedly, the most advantageous 
design alternative concerning structural demand 
is the under-designed lightly loaded model 1, ex-
hibiting ductility demands 
the seismic motions, while the heavily loaded 
over-designed model 4 exhibits 
evidence of beneficial effect from mobilizing 
substantial geometric nonlinearities.  

Figure 4 presents the IDA curves for maxi-
mum caisson rotation, max. The performance of 
the two alternative design schemes does not 
seem to deviate from any rational intuitive ex-
pectation: the under-designed system demon-
strates substantially larger rotations than the 
over-designed counterpart, as a result of the in-
tense caisson-soil interface separation and gap-
ping. Notice the tremendous demand imposed by 
the large velocity pulse (2.6 m/s) of huge dura-
tion (6.3 s) of the TCU-068 record on the under-
designed alternative, causing global instability 
and system failure of the lightly loaded model 1 
at PGA = 7 m/s2. Nevertheless, it is remarkable 
that with the exception of the performance under 
the TCU record at high PGA levels, these alter-
native can avoid collapse sustaining rather toler-

able rotations and displacements. Furthermore, it 
should be stated at this point that in the conven-
tional design the developed drift is mainly due to 
flexural distortion, leading to a subsequent in-
crease in structural distress, whereas in the un-
conventional design the drift is mainly due to 
foundation rotation, causing less seismic loading 
to the superstructure. 

To elaborate on the results from IDA, Figure 5 
illustrates the comparison in terms of contours of 
plastic shear strain magnitude in the soil at the 
end of the shaking, for the case of JMA-000, 
scaled  at free-field  PGA = 0.4 g. Observe the 
extended soil plastification (material nonlineari-
ties) dominating the response of the convention-
ally designed model 4. In stark contrast, the un-
conventionally designed model 1 suffers rather 
extended “plastic hinging” in the form of mobili-
zation of passive–type soil failure in front and 
back of the caisson accompanied by gap for-
mation and sliding in the sides and base (geomet-
ric nonlinearities). 

Figure 3. IDA curves of EDP:   (maximum ductility) for 
model 1 and model 4. 



Figure 4. IDA curves of EDP: max  (maximum caisson rota-
tion)  for model 1 and model 4. 

Figure 5. Contours of plastic shear strain magnitude in the 
soil (PEMAG) at the end of shaking for model 1 and model 4. 
Record: JMA-000, scaled  at free-field  PGA = 0.4 g (defor-
mation scale factor = 20). 

The stress  response of the soil for the 
two representative cases (model 1, lightly loaded 

under-designed foundation and model 4, heavily 
loaded over-designed foundation) is illustrated in 
Figure 6, in terms of shear stress
calculated at the caisson
surface.  

Figure 6. Shear stress-strain loops calculated at the caisson-
soil interface near the surface, for the heavily loaded  model 4
and the lightly loaded model 1. Record: JMA-000, scaled  at 
free-field  PGA = 0.4 g. 

The larger shear strains computed in model 1
reflect the mobilization of extensive geometric 
nonlinearities (gapping between the caisson and 
the surrounding soil) as compared to the strong 
material nonlinearities developed in the soil by 
the heavily loaded model 4. Observe that the ul-
timate shear strength does not exceed the un-
drained shear strength (Su = 65 kPa) in both cas-
es. 

5 CONCLUSIONS 

The present study is the first attempt to ex-
plore the nonlinear soil-foundation-structure in-
teraction (SFSI) effects during the earthquake 
loading of caisson foundations. Within this 
framework, the efficacy of the capacity design 
"philosophies", the conventional (without allow-
ing for nonlinear SFSI effects) and the unconven-
tional (allowing for SFSI effects), in reducing the 
seismic structural demand of the supported struc-
tures was compared. SDOF structures of varying 
deck mass, simulating heavily or lightly loaded 
structures founded through similar rigid cubic 
caissons on a 2-layer soil stratum are used as ex-



amples. The investigation is performed consider-
ing soil and structural inelasticity through 3D fi-
nite element incremental dynamic analysis 
(IDA).  

From the numerical results, it was observed 
that the response of "heavy" structures is deter-
mined by excessive material (soil) inelasticity, 
whereas intense caisson
and gapping prevails in the response of "light" 
structures. Furthermore, the results highlight the 
effectiveness of interface nonlinearities in dissi-
pating the seismic energy and the favorable per-
formance of the under-designed founda-
tion
factor compared to the conventionally designed 
heavy structures in both static and dynamic 
terms, providing a low-cost solution with high 
seismic isolation potential. 
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ABSTRACT 

The results of an investigation of the retaining walls along A-147 federal-aid highway Dzhubga  Sochi are considered in the ar-
ticle; their technical condition is estimated. Was found the main causes of the deformations of the structures and a reduction of 
their load-carrying ability and to trace the most complicated sections of the highway, which require capital expenditures. The da-
ta being obtained serve as a basic material for an elaboration of the engineering measures aimed at a restoration, a reconstruction 
and repair of the retaining walls. 
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1 INTRODUCTION 

Frequently, construction of the highways under 
the complicated geotechnical conditions causes 
the necessity to strengthen the vertical slopes, 
which are dug in soil or appear on the embank-
ments. In order to solve such problems, various 
types of the retaining walls are widely used [1]. 
At present (in the year of 2012), in connection 
with the forthcoming Olympic Games in the city 
of Sochi, the reconstruction and the restoration of 
the highways of the Black sea coast become top-
ical. In this article, the items connected with the 
assessment of the condition of the retaining 

walls, which provide safe conditions of the oper-
ation of A-147 federal-aid highway Dzhubga 
Sochi, are considered2.  

2 GEOTECHNICAL CONDITIONS 

The soil conditions of the section being con-
sidered are described as the complicated ones 
[2]. When the geotechnical situation on the Black 
Sea coast is analysed, it is possible to state that 
there are sections of development of the land-
slide and slough processes of various types and 
intensity [3]. According to E. Voznesensky [3], 



the route being considered can be divided into 6 
segments conditionally. Such division has been 
made taking into consideration the peculiarities 
of the geological structure, the area relief of its 
sections and the degree of affection by the land-
slide processes. 

3 METHOD OF ASSESSMENT OF THE 
CONDITION OF THE RETAINING 
WALLS ACCORDING TO THE 
SYMPTOMS 

In order to assess the condition of the 
retaining walls, their visual inspection at the 
section of the alignment of the highway from 9 
to the 214 kilometre was carried out in summer 
of the year of 2011. The inspection results 
showed that 783 retaining walls of various 
constructional decisions have been constructed 
along the highway since the year of 1940 till the 
year of 2011. The majority of them are the 
massive retaining walls [4], which have been 
erected on the foundation of the shallow contour 
interval. It has been found that the retaining 
walls of the medium height of 1 to 5 m prevail 
along the highway being considered; the majority 
of them are the upper ones (56%).  

Most of the walls were made of rubble and 
rubble concrete; they are 45% of their total 
number. The portions of the walls made of 
monolithic concrete and precast concrete and 
reinforced concrete at the section being 
considered are practically equal and are 22% and 
24%, respectively. The walls made of 
prefabricated monolithic (combined) material 
form the smallest share: 9% all in all.  

In order to assess the technical condition of 
the retaining walls, it has become necessary to 
ascertain a category of this condition according 
to the symptoms and to match the prediction of 
its time variations. 

According to Construction Regulations 13-
102-2003 [6], at present there exist 5 categories 
of technical condition of the construction: intact 
condition, serviceable condition, limitedly ser-
viceable condition, inadmissible condition and 
alert condition. But just now there is no clear al-
gorithm concerning reliability evaluation and ac-

cident probability. The task has been solved ac-
cording to the expert judgment method3. A 
determination of the retaining wall 
serviceableness for operation, repair periods as 
well as the necessity of the use of the tool survey 
techniques was the long-run objective.  

In order to determine a category of the 
technical condition of a structure depending on 
the damages, an index of its relative safety J is 
used [5]: 

J = 1-  (1) 

 is a value of the total physical wear 

according to the following formula: 

1 1 2 2 + ... i i 1 2 + ... i) (2) 

1 2 i 1 2 i  are the 
values of the damages and the factors of 
significance of the separate elements of the 
structure, respectively. 

The factors of significance of the elements 
are established proceeding from the possible 
consequences of their destruction. The value of 
damage of the separate structural element is 
established according to the results of the visual 
inspection: when there are no damages and 

condition of an element (a pile, an anchor, etc.) 
during the visual inspection, it is recommended 

service life. 
Relative safety of the structure during its 

operation is determined according to the 
following formula: 

0 (3) 

0 are the actual safety factor and the 
generalized safety factor (taking into 
consideration the damages being available), 
respectively.  

3The method was developed together with S. Matsiy, 
Doctor of Technical Sciences, Prof., and N. Lyubarsky, Can-
didate of Technical Sciences 



0 is 
calculated according to the construction norms in 
the following way: 

0 m c * f n (4) 

m c f n  are partial safety for 
materials, partial safety for loads, partial safety 
for operating conditions and partial safety for 
purpose, respectively. 

0 is 1.5 to 2.0. At the time of 
destruction, the actual safety 
1; the corresponding value of relative safety J, 
which is calculated according to the formula (3), 
is 0.65 to 0.50.  

When the category of the technical condition 
is inspected, it is recommended to take into 
account a level of responsibility of the highway 
being protected: less responsible structures can 
be permitted to be operated even if they have 
large damages. It is connected with the fact that 
an event becomes dangerous when it can result in 
the unfavourable consequences being connected 
with vital activity of people. The recommended 
values of relative safety of the retaining walls on 
the highways of various categories are given in 
Table 1.  

The technical assessment makes it possible to 
determine strength and strain properties of the 
retaining wall at the time of the inspection. In 
order to make a conclusion concerning further 
operating regime, it is necessary to know their 
time variations taking into consideration the 
damage accumulation. As the investigation 
results show [5], a change of load-carrying 
ability of the retaining structure during its 
operation can be described with the help of the 
exponential law. When the structure property 
change within a certain time interval is assessed, 
it is possible to get a wear constant: 

ln J / t  (5) 

where t  is time, which has passed from the 
beginning of operation, expressed in years.  

since the date of its beginning till complete 
overhaul (in years) is determined according to 
the following formula: 

t  = ln J /  (6) 

According to the results of such calculations, 
time safety of the retaining structure was 
assessed quantitatively; the terms and a sequence 
of reparative work carrying out were established. 
Repair types (the measures being required), 
which depend on the category of the technical 
condition of the retaining walls, are given in 
Table 1.  
Table 1. The category of the technical condition of the retain-
ing walls depending on the value of relative safety of the 
structure J and the category of the highway being protected 

Category 
of the 

technical 
condition 
of the re-
taining 

wall 

Measures being 
required 

J, % depending on the 
highway category 

I II-III IV-V

Intact con-
dition 

Repair work is 
unnecessary  

100-
96 

100-
91 

100-
86 

Servicea-
ble condi-

tion 

Normal operation 
is provided by 

maintenance  and 
permanent repair 

95-
81 

90-
76 

85-
71 

Restricted-
ly service-
able condi-

tion 

Complete over-
haul of separate 
elements of the 

structure  

80-
71 

75-
66 

70-
61 

Impermis-
sible con-

dition 

Complete over-
haul of the whole 
structure with res-
toration, structure 
strengthening  or 
replacement of all 
faulty components 

70-
66 

65-
61 

60-
56 

Accident 
condition 

Temporary fas-
tening arrange-

ment, restoration 
or reconstruction 

of the whole 
structure  

4 AN EXAMPLE.  REQUIRED TO 
DETERMINE THE CATEGORY OF 
TECHNICAL CONDITION OF THE 
RETAINING WALL EMPLOYING A PILE 
FOUNDATION 

During the planed inspection of the retaining 
walls along A-147 highway Dzhubga  Sochi of 



the 2nd class, it was necessary to determine a 
technical condition of the lower retaining wall. 
The construction is made of reinforced concrete 
and employs a pile foundation (Figure 1). Nearly 
10 years have passed since putting the construc-
tion into operation.  

Figure 1. Lower retaining wall at the section of A-147 high-
way Dzhubga  Sochi 

According to visual inspection of the con-
struction, no significant displacements were 
found; its various elements had the following 
values of damages: 

- the reinforced wall: there are solitary chips 
of the protective layer without a denudation of  
reinforcing steel; an average value 
of the damage is 1 = 0.15; 

- drain system: the drain ports are partially 
blocked and weedy;  = 0.1 25, an average 
value of the damage is 2 = 0.2; 

- the reinforced concrete foundation cross: 
there are solitary hair crackings in some parts; 

05, an average value of the damage is 3
= 0,05; 

- the pile foundation: as it is impossible to get 
an access to the element, an average value of the 
damage is defined taking into consideration a de-
sign service life (50 years) being equal to 4 = 
0.1. 

The present construction is characterized by 
the reinforcement with the help of the buttresses 
and the absence of a lining panel (the foundation 
cross is arranged on the same level as the road-
bed of the highway). Taking it into considera-
tion, the significance coefficient was accepted as 

1 = 0.20. The rest coefficients are accepted: 2

= 0.15 for the drain system, 3 = 0.20 for the 
foundation cross and 5 = 0.45 for the pile foun-

dation. According to the formula (2), we find a 
value of the general physical wear of the con-
struction: 

1 1 2 2 + ... i i 1 2 + ... i) = 
(0.15*0.15+0.2*0.2+0.2*0.05+0.45*0.1)/ 
(0.15+0.2+0.2+0.45) = 0.118/1 = 0.118 

According to the formula (1), we determine a 
relative reliability of the construction: 

J = 1 = 1  0.118 = 0.882 

According to Table 1, the technical condition 
of the construction, which protects the highway 
of the 2nd class, can be subsumed as belonging 

routine maintenance is enough (Table 1). Let us 
calculate a constant of wear according to the 
formula (5) if the useful life at the time of the in-
spection is t  = 10 years: 

ln J / t  = ln 0.882 / 10 = 0.012 

According to the formula (6), we determine 
the overhaul term from the operation start. As the 
overhaul was performed at the time when the 
construction passed into the impermissible con-
dition, it corresponds to J = 0.65 for the highway 
of the 2nd class (Table 1): 

t  = ln J /  = ln 0.65 / 0.012 = 36 year, 

it means that it is necessary to perform the 
overhaul only in t = t t  = 36  10 =26 year. If 
no overhaul is performed, the construction will 
pass into the alert condition (J = 0.6) in 45 years 
from the operation start, respectively (Figure 2). 
A difference between the design service life (50 
years) and an occurrence of the alert condition is 
5 years only; it means that the operating regime 
of the retaining construction corresponds to the 
design one with a small acceleration of physical 
wear. 

buttresses drain port 

foundation cross 



Figure 2. Diagram of a predicted change of the technical con-
dition of the retaining wall being inspected 

5 ANALYSIS OF THE RETAINING WALL 
INSPECTION RESULTS 

An analysis of the received materials has 
shown that all walls being considered are propor-
tioned in the following ratio depending on the 
category of the technical condition: 79% of the 
retaining walls are in the serviceable condition, 
16% are in the restrictedly serviceable condition 
and 5% are in the impermissible and accident 
condition (Table 2, Figure 3). 

Table 2. The categories of the technical condition of the 
retaining walls (June-August, 2011) 

Technical condition of the 
retaining wall 

Number of the 
walls, pieces 

Per cent of 
the total 

number of 
the walls, % 

Intact condition 0 0 
Serviceable condition 621 79 

Restrictedly serviceable 
condition 

122 16 

Impermissible and Acci-
dent condition 

40 5 

Total 783 100 

Figure 3.Upper retaining wall in Adler district (the 196th km) 
in the accident technical condition 

Besides, in order to assess the technical condi-
tion of the walls the flood installations were in-
spected: drainage systems, the upper conduits 
and the lower ones along the structures.  

An analysis of the results has shown that the 
majority of the retaining walls has no flood in-
stallations; if such flood installations are availa-
ble, they are littered and do not operate (Table 
3).  
Table 3. Water removal measures in the retaining walls  

Flood instal-
lation type 

Available Unavailable 

Number 
of 

walls, 
pieces 

Per 
cent of 
total 

number 
of 

walls, 
% 

Number 
of walls, 
pieces 

Per cent 
of total 

number of 
walls, % 

Upper con-
duits 

48 7 649 93 

Lower con-
duits 

255 37 442 63 

Drainage 165 24 532 76 

In order to ascertain a highway section 
with the largest number of the retaining 
walls, their specific concentration per kilo-
metre along the road in each district has 
been calculated. It has been found that the 
largest number of the structures is situated in 
Khostinsky district (Table 4, column 7): 
60% of each kilometre is protected with the 
help of the walls. If the findings are matched 
with the geotechnical conditions, it is possi-
ble to state that the highway at this part is 
the most complicated one and requires clos-
er attention and more investments than other 
parts. The minimal concentration of the re-
taining walls has been registered in Tuapsin-
sky district and Central district: 20% in each 
district. When the number of the retaining 
structures was assessed, it was found that the 
walls constitute 35%  

The indices concerning the structure tech-
nical condition assessment show that out of 
the whole extension of the retaining walls 
being 74 kilometres, 18.5 kilometres are 
presented by the structures, which are in the 
impermissible condition, accident condition 

Time since the 

Inspection 
time 

Overhaul  
necessity 

Alert 
condition



and the restrictedly serviceable technical 
condition. It is 25% of the whole extension 
of the highway. The retaining structures of 
Lazarevsky district and Adlersky district are 
in the worst technical condition: 32% out of 
the whole extension of the walls require re-
pair work. 
Table 4. Calculation of the quantitative indices according to 
the results of the retaining wall inspection 

When the causes of deformation of the re-
taining walls and a reduction of their load- 
carrying ability are assessed, it is possible to 
state that physical wear exerts a great influ-
ence upon the retaining wall destruction. 
The walls are erected long ago; it is neces-
sary to increase their stiffness and rigidity. 
Besides, practically all structures have no 
flood installations in the form of conduits 
and drainage systems. It results in an accu-
mulation of water along the structure base 
and, consequently, in its soaking and materi-

al destruction. For the retaining walls, which 
are in the accident technical condition, ur-
gent measures should be taken in order to 
strengthen them; in some parts, it is neces-
sary to replace the existing structure by the 
new ones. It is the most topical question as 
far as the lower retaining walls are con-
cerned (46 walls are in the restrictedly ser-
viceable condition and 21 walls are in the 
accident condition), because a load-carrying 
ability failure is closely connected with ri-
gidity of the air faces along the highway.  

Thus, the work being performed has made 
it possible to assess the technical condition 
of the retaining walls for the elaboration of 
the engineering measures connected with 
their restoration, reconstruction and repair. 
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District 

High
way 
sec-
tion 

exten
ten-
sion, 
km 

Leng
th of 
the 

walls 
at the 
high
way 
sec-
tion, 
km 

Length 
of the 
walls 
in  ac-
cident/ 
restrict
strict-
edly 
ser-

vicea-
ble 

tech-
nical 

condi-
tion, 
km   

Num-
ber of 
the re-
taining 
walls 

per km 
of the 
high-
way 

within 
the 

limits 
of one 

district, 
% 

Per cent 
of length 

of the 
walls in  

acci-
dent/restr

ictedly 
servicea-
ble tech-

nical 
condition 
out of to-
tal length 

of all 
walls 

along the 
highway, 

%  
1 2 5 6 7 8 

Tuapsin-
sky 

81 16 0.2 / 
2.5 

20 0.3 / 3.4 

Lazarev-
sky 

89 33 2 / 8.8 40 2.7 / 12 

Central 11 2 0 / 0.2 20 0 / 0.3 
Khostins

ky 
16 10 0.2 / 

2.2 
60 0.2 / 3 

Adlersky 17 7 1 / 1.3 40 1.4 / 1.8 
Bypass 12 6 0 / 0.1 50 0 / 0.1 

Total 214 74 3.4 / 
15.1 

4.6 / 20.6 
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ABSTRACT 

As part of a construction work pile and sheet pile driving unavoidably generates vibrations. As of to-
day construction works are often located in urban areas and along with society s increasing concern of
environmental impact the need for vibration prediction prior to construction is of immediate interest.
This study presents a review of the prediction models existing today. For prediction of ground vibra-
tions from pile and sheet pile driving there are roughly three different types of models; empirical mod-
els, theoretical models and engineering models. A prediction model should be reliable in all cases 
where it is meant to be used. It is also important that it is relatively easy to use and that the input data is 
easily obtained. This study concludes that, as of today, there is a lack of such a model. Today s models 
either lack in reliability or require great amounts of input data, knowledge and skills as well as time 
and money. The findings within this study constitute the initial part of an on-going research project at
the division of Soil- and Rock Mechanics at the Royal Institute of Technology in cooperation with the 
Development Fund of the Swedish Construction Industry and NCC Construction Sweden. 
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1 INTRODUCTION 

Construction work and especially the driving of 
piles and sheet pile has for a long time been one 
of the most important sources for vibrations in 
urban areas. The induced vibrations can have a 
negative impact on the surroundings. As a con-
sequence of society s increased concern of envi-
ronmental impact and the fact that construction 
projects more often are located in urban areas 

and close to existing structures, vibration as-
sessment and prediction has become of immedi-
ate interest.  

The prediction of the vibration level in a con-
struction project can have important economic 
and technical consequences. Unnecessarily con-
servative estimations will increase costs, may 
limit the choice of construction methods and de-
lay the project. If, on the other hand, the vibra-
tion level is underestimated, it might lead to 



damaged structures, disturbed occupants and 
suspension of the construction work.  

Today an estimation of expected vibration 
level is usually based upon experience or field 
test measurements. This study presents a review 
of the existing prediction models for vibrations 
caused by pile and sheet pile driving and is part 
of an on-going research project aiming for better 
prediction and understanding of ground vibra-
tions induced by pile and sheet pile driving. 

2 BASIC THEORY 

In order to estimate the effect of pile/sheet pile 
driving it is necessary to consider the entire vi-
bration transfer process from the source to the 
damage object. The process is divided into three 
main parts; vibration source, wave propagation 
in soil and damage object (Figure 1). Vibrations 
are generated by the driving equipment (impact 
or vibratory) and are transmitted through the pile 
cap and further into the pile. There is an interac-
tion between the soil and the pile shaft and pile 
toe, leading to vibrations being transmitted into 
the ground. From thereon vibrations propagate 
through soil and eventually interact with possible 
damage objects. 

Figure 1. Schematic illustration of the vibration transfer dur-
ing pile driving. 

At the pile-soil interface vibrations from the 
pile are transmitted to the soil as different waves 
and wave fronts (Figure 2). At the pile toe spher-
ical wave fronts of both P- and S-waves are cre-
ated. From the shaft a conical wave front is cre-

ated consisting of S-waves. As the wave fronts 
reach the ground surface part of the vibration en-
ergy is transferred to surface (R-)waves. 

Figure 2. Schematic representation of different wave types 
generated at pile driving, modified after [1]. 

As waves propagate through the soil attenua-
tion takes place in the form of geometrical and 
material damping. Geometrical damping is 
caused by the energy spreading over an increas-
ing soil volume, and material damping is due to 
internal friction and hysteresis. The total attenua-
tion of vibrations propagating in soil is usually 
approximated by the following relationship: 
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where  
A1, A2 = vibration amplitude at distance r1 re-
spectively r2 from the source 

 = absorption coefficient (m-1) depending on 
soil material and vibration frequency 
n = ½ for surface waves, 1 for body waves, 2 for 
body waves along the surface 

3 CURRENT PREDICTION MODELS  

The magnitude of induced vibrations in a specif-
ic project can be measured fairly well in the field 



but the prediction of its magnitude prior to driv-
ing is very insecure. Several examples can be 
found in literature stating that as of today there is 
little guidance to be found regarding how prac-
tising engineers can make a prediction of the vi-
brations during a pile or sheet pile driving work 
(e.g. [2], [3], [4], [5], [6], [7] and [8]).  

The existing prediction models are in this 
study divided into three different categories de-
pending on their approach: 

Empirical models  based on empirical 
knowledge from former measurements and 
experience of piling works 
Theoretical models  based on theoretical 
knowledge usually consisting of numerical 
models 
Engineering models  a mix of empirical, 
theoretical and engineering knowledge 
(sometimes also called mixed-approach 
models) 

3.1 Empirical models 

Even if there are no generally accepted methods 
for predicting vibrations during pile- and sheet 
pile driving, there exist a lot of measurements 
and empirical knowledge. 

In 1967 Wiss [9] discovered that the vibration 
magnitude due to pile driving varied with the 
amount of energy transmitted to the soil, the soil 
properties and the distance from the source. Wiss 
[9] then concluded that the particle velocity var-
ied with the square root of the energy of the 
hammer. Attewell & Farmer [1] proposed that, 
for practical estimates of vibrations due to pile 
driving, the vibration intensity attenuates directly 
with distance from the pile and that the geotech-
nical character of the ground can be ignored. 
Hence, in 1973 Attewell & Farmer [1] presented 
one of the first empirical prediction models 
where they suggest that the vertical peak particle 
velocity, v, is given according to the general 
formula: 

x

r
W

kv 0  (2) 

where  
k = empirically determined constant (-) 
W0 = input energy (hammer energy) (J) 
r = horizontal distance between pile and monitor-
ing point (m) 
x = empirically determined index (-) 

From field measurements [1] claimed that the 
results correlate quite well with setting k = 1 and 
x = 1, however, they suggested that k = 1.5 is 
used for practical conservative prediction of 
ground vibrations due to pile driving. The energy 
based relationship in Eq. (2) has since been de-
veloped by various researchers proposing values 
for k and x ([10], [11], [2], [12], [13] and [14]). 

Attewell et al. ([11] and [15]) found that a 
quadratic regression curve was a better fit to 
measurements of ground vibrations due to pile 
driving than the former used linear regression 
curve in Eq. (2). The developed model proposes 
the following equation for the prediction of vi-
bration velocity due to pile driving: 
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where  
k, m and n = constants of proportionality (-) 

Constants k, m and n are functions of the soil 
conditions at the site of pile driving and the driv-
ing method. Suggested values for the constants 
are published in [15].  

Svinkin [16] presented a development of the 
energy based relationship founded on determina-
tion of the vibration velocity at the pile head, and 
from that computed the ground vibrations. In Eq. 
(2) x is set as 1 and k is equal to the pile vibration 
at the pile head, vp.

3.2 Theoretical models 

Theoretical models use a different approach 
for the prediction of vibrations than the one used 
in empirical models. Theoretical models are usu-
ally based on numerical or analytical modelling 
using different computer programs. Davis [8] 
listed several numerical methods which can be 



used for prediction of ground vibrations, the 
most common are: 

Finite Difference Time-Domain Method 
(FDM) 
Finite Element Method (FEM) 
Boundary Element Method (BEM) 

FDM can take layering and anisotropy of the 
soil into account; however, there is uncertainty in 
the loss of energy due to material damping. An-
other drawback of the FDM is that it requires 
high levels of mathematical skills from the user 
[8]. FEM is commonly used for the modelling of 
problems in soil and rock materials. There are a 
number of commercial computer programs based 
on FEM (Plaxis being the most common among 
geotechnical engineers). BEM is somewhat more 
limited in its use than FEM and FDM due to its 
need for reformulation of the partial differential 
equations. To overcome the limitations with 
BEM the soil immediately next to the source can 
be modelled with FEM while the rest of the 
propagation path can be modelled using a cou-
pled BEM model. For the modelling of ground 
vibration problems with infinite domains BEM is 
considered to be better than FEM regarding effi-
ciency, accuracy and user friendliness [8].  

Theoretical models often consist of sub-
models for the pile, the soil and sometimes also 
for damage objects. The sub-models are mod-
elled separately and thereafter connected to make 
the prediction [17]. Several of the existing pre-
diction models mix different numerical methods 
in their prediction models (e.g. [3] and [18]). 

Table 1. Theoretical models for prediction of vibrations due 
to pile and sheet pile driving, modified after [19]. 

Researcher Numerical method 
Holeyman (1993) Radial discrete model 
Waarts & Bielefeld (1994) Stress wave simulation 

and FEM 
Ramshaw et al. (2000) Finite and infinite ele-

ment method 
Liyanapathirana et al. (2001) FEM 
Mahutka & Grabe (2006) FEM (Abaqus) 
Rocher-Lacoste & Semblat 
(2007) 

FEM (Cesar-LCPC) 

Masoumi et al. (2007) FEM and BEM 
Whenham (2011) FEM (Plaxis) 

Whenham [19] has listed several publications 
where numerical methods have been used to pre-
dict the vibrations induced by pile driving. From 
that list modifications and additions have been 
made resulting in Table 1. 

3.3 Engineering models 

Engineering models mix different approaches in 
the same model to make a prediction. Jongmans 
[4] presented an engineering model that aims to-
wards reconstructing the whole vibration signal 
generated during pile driving. The model con-
sists of two parts; the first part is based on the 
use of geophysical prospecting to represent the 
response of the site (Green s function) and the 
other part is an equivalent source function ideal-
ising energy transmission from pile toe to soil. 

 A model presented by Svinkin [21] uses the 
concept of the impulse response function to 
model the soil behaviour. The impulse response 
function is determined by setting up an experi-
ment in which known magnitudes of impact are 
applied on the site of interest. Once the impulse 
response function is known the dynamic loads 
for pile driving are computed by wave equation 
analysis. Duhamel s integral is then used to find 
the predicted vibrations. 

In 2008 Massarsch & Fellenius [20] intro-
duced a model for estimating vibrations from 
impact pile driving. The method includes the 
force applied to the pile head, the dynamic 
stresses in the pile and the dynamic resistance 
along the pile toe and pile shaft. 

4 COMMENTS ON CURRENT 
PREDICTION MODELS 

4.1 Empirical models 

Hope & Hiller [22] draw the conclusion that pre-
diction models not taking soil conditions into 
consideration are less accurate than prediction 
models taking soil conditions into account. Sev-
eral others ([21], [23] and [20]) are critical to-
wards empirical relationships for estimation of 
ground vibration as they do not take soil condi-
tions into account in an adequate way. According 



to [4] it is likely that soil conditions affect not 
only the vibration magnitude but also its fre-
quency content and wave form. Hope & Hiller 
[22] and Massarsch & Fellenius [20] showed that 
the empirical approach is too crude for reliable 
analysis of ground vibrations and that some of 
the relationships assumed in these empirical 
models are invalid. 

However, according to [11] and [24] it is quite 
reasonable that ground vibrations due to pile 
driving can be estimated by the use of empirical 
methods. They stated that empirical methods are 
the most sensible and suitable for use on site. In 
[23] it is also reasoned that empirical models 
have their limitations, nevertheless, they are easy 
to apply and thus valuable for piling practition-
ers. 

4.2 Theoretical models 

Athanasopoulos & Pelekis [23] believed that 
theoretical models are capable of modelling the 
whole vibration problem and producing predict-
ed vibration levels. Svinkin [21] stated that ana-
lytical prediction models usually give good 
agreement between predicted and measured vi-
brations for a certain site. However, designing 
the models takes a lot of time and knowledge in 
order to get the calculations right. A theoretical 
model is in most cases strongly influenced by the 
user and his/her expertise and knowledge, which 
affects the predicted vibrations [17]. Making re-
liable predictions also requires detailed input da-
ta that in many cases needs to be estimated. 

4.3 Engineering models 

The advantage of Jongmans  model is that it 
takes the site characteristics into account [4]. The 
model presented by Massarsch & Fellenius [20] 
also considers soil conditions in the form of soil 
resistance. And Svinkin [21] stated that the ad-
vantage of the impulse response function is that 
it reflects real soil behaviour without the need for 
investigations of the soil properties. 

The engineering models presented in section 
3.3 all include soil conditions in one way or an-
other; however, they lack validation in the form 
of comparison to vibration levels measured in the 
field. 

4.4 Reliability of prediction models 

One of the main conclusions in the study of [17] 
was that the uncertainty in vibration prediction 
generally is quite large; however, using sophisti-
cated FEM-models reduced the uncertainty com-
pared to expert judgement. Another conclusion 
was that the user of the prediction model has a 
huge influence on the outcome of the prediction. 

Hope & Hiller [22] presented a review of the 
prediction models available at that time, focusing 
on vibrations from impact pile driving. They 
showed that the accuracy of the existing predic-
tion models were limited. Most prediction mod-
els presented considerably over-estimated the vi-
bration magnitudes at distances less than 11 m 
from the pile. In [19] predicted vibrations from 
the Attewell et al. model ([11] and [15]) were 
compared with measured results showing that the 
model over-predicted the actual vibrations with a 
factor of 2 to 10. Nevertheless, most prediction 
models are intentionally conservative. 

In order to highlight the complexity of the 
problem and the difficulty in prediction, a rela-
tive comparison between the Attewell & Farmer-
model (Eq. 2) and the Attewell et al.-model (Eq. 
3) has been conducted within this study. The 
comparison showed that when using the same 
input data (W0 = 5000 J and r = 15 m) predicted 
vibration levels were 7.1 mm/s respectively 3.4 
mm/s. The other models all require the assump-
tion of large amounts of different input data mak-
ing a relative comparison insignificant. 

5 CONCLUSIONS 

A prediction model should be reliable in all cases 
where it is meant to be used. It is also important 
that it is relatively easy to use, the mathematical 
operations should not take days to execute and 
the input data should be readily available. This 
study shows that, as of today, such a model is 
lacking. Current empirical models have the ad-
vantage that they are easy to use and require rela-
tively small amounts of input data, however, they 
cannot be considered reliable as they tend to 
highly overestimate the vibration level. Today s 
theoretical prediction models seem to be some-



what more reliable, but instead they require great 
amounts of input data, knowledge and skills as 
well as time and money. The engineering models 
lack validation in order to be considered reliable; 
however, they seem to have the potential of pro-
ducing a prediction model satisfying the above 
criteria.  

A prediction model simple enough to be used 
by practising geotechnical engineers yet sophis-
ticated enough to reliably predict vibrations will 
hopefully be available in the future. In order to 
get there further research clarifying how to better 
quantify the vibration actually transferred from 
the pile to the soil and also how to better incor-
porate soil conditions into a prediction model is 
required. 
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Change of shear strength in soft soil excavations 
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ABSTRACT 

soft soils has become a tradition among practitioners. It has been proved 
that the methods used work and that successful excavations have been performed. However, questions arise when studying in de-
tail the theory behind the design procedures as given in the Swedish Handbook for sheet pile walls (in S d-

 [1]. 

One important aspect to consider is the approach utilized to assess the shear strength of the soil being excavated. In practice, the 
soil is considered to have isotropic characteristics and the shear strength is generally based on the consolidated direct simple 
shear (CDSS). In addition, the value is fixed in time and is only varying with depth.  However, in reality this is not the case, 
since the soil is anisotropic in its behavior and its properties change with time (i.e. consolidation).The above situation is counter-
balanced in practice when using a traditional design approach; for example, by using partial factors which allow for uncertainties 
from both theory and practice. 

Nowadays the trend is to use numerical models for calculations. These can account for factors like soil behavior, soil-structure 
interaction and construction time. Furthermore, if properly used, realistic results can be obtained in a geo-structural matter. On 
the other hand limit equilibrium, stress field and semi-empirical methods can be unrealistic predicting soil behavior and not al-
ways take into account the latter mentioned factors. This can translate into unsafe failure mechanisms in the soil mass and load 
effects in the supporting structure. A wise design is necessary to balance the economics and safety of the geo-structure. 

This paper will discuss about the factors which influence changes in shear strength in an excavation in slightly over-consolidated 
clays in Gothenburg, Sweden. Focus will lie predominantly on the decrease in shear strength caused by unloading at the bottom 
of the excavation. Examples are given for a single strutted excavation. 

Keywords : sheet pile walls, shear strength, clay, soft soil, passive earth pressure, unloading, swelling, stress path, stress state, 
decrease in shear strength, undrained, drained, partially drained 
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1 INTRODUCTION 

The current design approach in Sweden for ex-
cavations in clay supported by flexible struc-
tures, namely sheet-pile walls, is based on the 
stress field method. Furthermore, it is considered 
that the soil behaves isotropic and time effects 
are neglected (total stress analysis for undrained 
conditions) [1]. However, this is not the case in 
reality, where the soil behaves anisotropic and 
consolidation takes place [2].  In addition, soil 
parameters are usually obtained from in-situ tests 
or pre-investigation tests in the laboratory, ac-
counting for a different stress state from that of 
the excavation. 

Nowadays developments in numerical model-
ing and machinery provide us with the capacity 
of dealing with more complex geotechnical pro-
jects. This translates to larger open excavations 
and for longer time periods located in complex 
areas (e.g. urban areas), therefore requiring a bet-
ter understanding of the soil-structure system be-
havior. 

Numerical models and new design approaches 
have been developed to capture the above men-
tioned behavior [3 5]. These are implemented in 
Finite Element (FE) programs and provide re-
sults that approach to the reality. 

2 DISTURBING FACTORS IN AN 
EXCAVATION 

The stability of an excavation in soft soil de-
pends highly in the construction methods and the 
soil properties, specially the shear strength. The 
latter plays an important role within the acting 
earth pressures. Moreover the soil is affected by 
several factors like the installation of the sheet-
pile wall, ground improvements with piles and 
particularly with the unloading of the soil mass 
[6]. The response of the soil to these is observed 
with the increase or decreases in the excess pore 
water pressure (and deformation); changing the 
stress state from in-situ conditions [7]. As a re-
sult the shear strength will be affected and could 
deviate from that considered in an ideal scenario. 
This must be taken into account in the pre-
investigation and design phases. 

From the above factors, focus is set in the un-
loading of the soil mass at the middle of the ex-
cavation bottom (see Figure 1). In this area the 
wall effects are small and vertical unloading is 
dominant [4]. 

Figure 1. Excavation outline. 

3 SHEAR STRENGTH PROPERTIES 

The west coast of Sweden, namely Västra Gö-
taland, is characterized by having large exten-
sions of deep deposits of clay. Soil deposition in 
this area can be considered one dimensional, and 
thus anisotropic. A common soil profile in urban 
areas will be that of a top filling layer followed 
by a deep layer of homogeneous clay. The top 
part of the clay layer is in general lightly over-
consolidated, decreasing gradually until an al-
most constant OCR value (the latter influenced 
by creep effects) [8]. 

An empirical relation that considers initial an-
isotropic undrained shear strength for Swedish 
clay is shown in Equation (1) [8]. 

 (1) 

This is related to the stress history of the soil, 
the current stress state, the loading conditions 
and soil intrinsic properties. This equation is lim-
ited to a certain range of OCRs, thus very large 
OCR values might give deviated results. An ex-
ample with typical parameters for overconsoli-
dated (OCR=1.3, wL=80%) Gothenburg clay is 
shown in Table 1. 
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Table 1. Empirical anisotropy [8]. 
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With the help of this equation, a good approx-
imation of the anisotropic behavior could be in-
corporated in FE or traditional calculations. 
Note, however that the equation is limited by a 
certain stress range (limited OCR). 

4 STRESS PATH AND CONSOLIDATION 

The stress paths in an excavation are unique for 
every point; however they show similar trends 
for different zones within the involved excava-
tion area. It is important to consider the initial 
stress conditions of the soil before any work [7]. 
Soil deformation is stress path dependent and, 
the shear strength is depending on several factors 
as mentioned above, and one of this is the current 
stress state in the soil [4]. 

In the center of the excavation, the vertical un-
loading is the dominating case, with a reduction 
of the vertical stresses and an increase in the 
overconsolidated ratio (OCR).The latter situation 
can be simulated in a oedometer unloading test 
and the shear strength could be obtained from the 
traditional extension triaxial test, with the un-
loading of the axial stress and constant cell pres-
sure. 

Knowing the stress paths during the excava-
tion can help to track the mobilization of shear 
strength, the maximum value expected and, 
based on the stress rotation, the expected type of 
failure (e.g. active or passive).  

4.1 Predicting the change in pore pressure 

In order to estimate the changes in stresses and 
find the steady state conditions, knowledge of the 
pore water pressure is required. As discussed in 

Kempfert, Gebreselassie [4] and stated by Janbu 
[9] among others, also the short term undrained 
strength of clays is governed by the effective 
stress state. The pore water pressure can be af-
fected by several factors like volumetric (swell-
ing) and shear deformations (dilation or contrac-
tion). However, the problem arises when 
estimating the change in excess pore water pres-
sure, since it is hard to approximate it precisely. 
The latter is an obstacle for obtaining a proper 
stress state just after the excavation. In addition it 
is difficult to predict the stress path to steady 
state. Persson [10] suggested that the change in 
pore water pressure could be estimated by the 
change in mean total stresses. 

The regain of a steady state pore pressure after 
the excavation can occur in a short time that is 
usually within the construction period, as dis-
cussed in Kempfert, Gebreselassie [4] and ob-
served by Persson [10] (see section below). 
Therefore one must consider the changes in the 
stress state at the bottom of the pit and the subse-
quent variation of the shear strength. However, 
one should concentrate in the steady state condi-
tion since this state will be the critical one. 

4.2 Consolidation 

Questions arise of when to consider a short un-
drained or long drained condition. These can be 
regarded from multiple situations, for example, 
at the active, passive or center area of the exca-
vation, and with loading or unloading of the soil 
mass.  

For the unloading case in the middle of the 
excavation, the excess negative pore water pres-
sure will dissipate simultaneously with the swell-
ing of the soil, creating a new stress state. This 
drained transition is important since the soil will 
experience changes in effective stresses, and 
consequently new stability and deformation 
properties.  

From the steady state the soil will experience 
an undrained behavior if reloaded above its pre-
consolidation pressure. On the other hand, a par-
tially drained or drained behavior is expected if 
loaded below it. 

Following Vermeer and Meier [11] suggestion 
of applying the one dimension classical consoli-



dation theory, typical Gothenburg clay parame-
ters are used to roughly estimate the time for un-

The soil parameters 
are given for a 10 meters depth point, below a 
3.5 meters excavation. Here the drainage path is 
considered as the length of embedment of the 
wall; draining at the excavation bottom only. 

Both loading (above pre-consolidation) and 
unloading cases are presented in Figure 2 and 
Figure 3. It is observed that the dissipation of ex-
cess pore water pressure occurs rather fast in the 
unloading case, as discussed in the previous sec-
tion. 

Figure 2. Loading; normally consolidated clay. 

Figure 3. Unloading; overconsolidated clay. 

5 THEORETICAL EXAMPLE 

In order to illustrate the discussed above, an ex-
ample of a typical excavation clay=16 
kN/m3) was used with focus on the center of the 
pit (point A in Figure 1). The assumed geometry 
of the excavation was 3.5 meters deep and 40 
meters wide with a large length (L>>B; plane 
strain). The water table was located at the ground 
surface and a fill layer of 0.5 meters was consid-
ered fill=19 kN/m3 ). At the excavation 
pit, the pore water pressure was assumed to reach 
a steady state increasing linearly from the bottom 
to a depth of 25 meters as discussed by Persson 
[10], see Figure 4. From this, the new stress state 
was calculated along with the change in shear 
strength. 

Figure 4. Pore water pressure before the excavation (hydro-
static), after and at steady state. 

Initial conditions on the field and after the ex-
cavation are shown in Figure 5 and Figure 6. One 
can see the drop in effective stresses from the 
excavation point to the steady state and hence a 
higher OCR. 
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Figure 5. Stresses in the soil before and after the excava-
tion. 

Figure 6. Overconsolidation ratio before and after the ex-
cavation (steady state). 

The pore water pressure increased with the 
dissipation of the negative excess pressure gen-
erated, as shown above in Figure 4. Assuming a 
wall penetration of 10 meters, a rough estimation 
of the time required for the dissipation was about 
7 months (refer to Figure 3). Note that this is for 
the complete penetration depth, at shallow depths 
it will be faster. 

As example, using Equation (1), the shear 
strength (passive, active and DSS) decreases on 
average between 10-30% with after one meter 
from the excavation bottom when the steady 
state is reached (see Figure 7). The first meter 
will experience high OCR values, for which 
Equation (1) might not be suitable. 

Figure 7. Decrease in shear strength due to change in 
stresses. 

The drop is caused by the new stress state in the 
soil achieved by the dissipation of the excess 
negative pore water pressure and the change in 
effective stresses. The same will be expected in 
zones nearby the retaining structure. The initial 
CDSS values as well as the excavated and aver-
age ones are presented in Table 2. 

Table 2. CDSS [kPa] with depth. 
Depth[m] In-situ Excavated Average 

3.5* 10.6* 3* 6.8* 
4.5 11.1 7.6 9.3 
5.5 11.5 8.7 10.1 
7.5 14.2 11.7 13 
9.5 17.9 15.2 16.6 

11.5 21.6 18.7 20.1 
13.5 25.2 22.2 23.7 
15.5 28.9 25.7 27.3 

* Very high OCR; for calculations assumed same cu as in 4.5 meters. 

6 SAFETY FACTOR 

The above example, with a load on the active 
side of qk=5 kPa, was used for designing a sheet 
pile wall as illustrated in Figure 8.  

Figure 8. Sheet pile wall illustration. 
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If one would design the sheet pile wall with the 
current guidelines; without taking into account 
the initial anisotropy and the drained (steady 
state) condition, one would obtain the earth pres-
sures shown in Figure 9. For this, the penetration 
depth obtained was of 8.70 meters below the ex-
cavation bottom. On the other hand, considering 
the drop of shear strength for the area nearby the 
wall; as the average value between the initial 
condition and the unloaded state and, the same 
penetration depth, the total safety factor applied 
to the shear strength must be reduced by 7% 
(from 1.58 to 1.47) to keep the guideline design 
as valid. 
 In general, the difference is not very large; 
however for deeper excavations it is expected 
that the effect will be greater. 

Figure 9. Design earth pressures. The strut force for case 
1 was S= 119 kN/m and for case 2 S=120 kN/m. 

7 CONCLUSION 

All in all, more detailed design approaches are 
suggested to be implemented nowadays. Calcula-
tion using the FE method could provide more de-
tails of the excavation and soil behavior; ac-
counting for other factors that are overlooked 
with analytical calculations. 

Drained conditions should be considered in 
the transition from in-situ conditions to the 
steady state after the excavation. From the new 
steady state conditions, partially drained or un-
drained properties must be considered for the 
loading of the excavation bottom according to 
the construction time and method. 

From the theoretical example it was observed 
that the calculated safety can be less in reality if 
one would consider a more detailed behavior of 
the soil. The global safety of the wall will still be 
enough for this particular construction; however 
the safety margin will be smaller. 
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Cement free mortar for annular gap grouting
in shield tunnelling with slurry face support 
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ABSTRACT

For the decoupling of logistic dependences on a tunnel boring machine (TBM) annular gap grout mortar that is totally free of
cement represents an interesting alternative. In addition, in soils with sufficient water permeability such grout mortar can provide
stiff bedding to the segmental lining possibly earlier than conventional cement based grout mortar. For the development of shear
strength and stiffness, grout mortar mixing water has to be expelled into the surrounding ground so that a drainage process oc-
curs. In the present paper it is indicated which influences has slurry at the excavation reveal in tunnel drives with slurry face 
support on this process. Furthermore, it is illustrated how the grout mortar drainage process that gives properties similar to soil to 
the first pumpable grout mortar can be calculated depending on ground properties. In the result it is demonstrated that cement-
free annular gap grout mortar is surely applicable in soils with kF > 1,0·10-5 m/s. In addition, several ground-mechanical proper-
ties of this innovative building material are presented. 

Keywords: Shield tunnelling, Hydraulic face support, Slurry, Bentonite suspension, Supporting liquid, Thixotropy, Cement-free 
grout mortar, Grout, Mortar, Annular gap grouting, Tail void grouting, Drained grout mortar, Shear strength, Stiffness 
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1 INTRODUCTION 

1.1 Annular gap grouting 

In the course of annular gap grouting in mecha-
nised shield tunnelling in granular soil, the annu-
lar gap with a width of approx. 8 to 18 cm for 
traffic tunnels is grouted according to state-of-
the-art technology mostly with conventional ce-
ment mortar, see Fig. 1. Alternatively two-
component material, i.e. cement bentonite sus-
pension with accelerator addition at the end of 
the grout injection lines is often used. Figure 1. Annular gap grouting through the shield tail. 



The use of conventional cement mortar implies 
the disadvantage that this material starts setting 
already in the grout feed system due to hydration 
during longer tunnel drive shutdown periods. 
This can lead to feared blockages which must be 
removed time-consuming before resumption of 
the tunnel drive. 

Although meanwhile as established regarded 
two components grouting material reduces the 
described logistic dependence extensively, how-
ever, it is rather expensive especially due to the 
application of solidification accelerators. Ce-
ment-free grout mortar with a robust mixture de-
sign and good stability qualities is cost-neutral or 
even slightly cheaper than cement grout mortar. 
In addition, it possesses similar logistic ad-
vantages like two components grout. 

1.2 Cement-free annular gap fill 

Depending on ground permeability an additional 
consumption of grout mortar, compared with the 
theoretical target volume, can be registered with 
all mentioned materials for annular gap grouting. 
This can be explained by the fact that filtrate wa-
ter is expelled from the grout mortar into the 
pore volume of the surrounding ground as a re-
sult of pressure difference between injection 
pressure 0p  and ground pore water pressure 

wp . Firstly, the expelling of filtrate water causes 
a loss of flow ability of the grout and, finally, 
leads to a purely physically caused solidification. 

The idea behind cement-free grout mortar is to 
use this solidification effect deliberately so that 
in the final state, in a ground-mechanical sense, a 
drained material is present which fills the annular 
gap. The solid state form can be reached (in the 
case of presence of sufficient ground permeabil-

ity) mostly quicker than with cement grout mor-
tar whose chemical solidification generally only 
begins after several hours. This is also to avoid 
damages to the segmental lining an important 
advantage because in that way an early stiff bed-
ding performance can be ensured. 

2 INFLUENCES OF SLURRY 

In order to use reliably cement-free annular gap 
grout mortar, it is essential to have some 
knowledge of the boundary conditions which in-
fluence the drainage process for the development 
of shear strength and stiffness. Besides the build-
ing material-technological grout mixture design, 
particularly the interaction with the surrounding 
ground, i.e. the arising flow resistance of filtrate 
water, is of importance, see Fig. 2. This has 

First to penetrate at the radial excavation 
reveal an interface of filtered slurry (ben-
tonite membrane) and/or to displace stag-
nated slurry (bentonite suspension). 
Afterwards it must get into the pore space 
of the surrounding ground. 

For reasons of simplicity, it is subsequently as-
sumed that the permeability of the surrounding 
ground is much higher than those of the benton-
ite membrane. This can be taken as given for a 

Fk  value according to DIN 18130 
5100,1Fk  m/s (so for at least water-

permeable ground for the purposes of the norm). 
At the same time, these soils represent the typical 
operational area of a TBM with slurry face sup-
port. The effective support pressure p , that 
holds the ground grains, arises from slurry pres-
sure in the excavation chamber Suspp  less pore 
water pressure wp  in the ground: 

Figure 2. Draining of mortar in the annular gap in the course of shield tunneling with slurry face support. 



wSusp ppp  (1) 

Approximately it can be assumed that in the an-
nular gap the same pressure boundary conditions 
are present like at the tunnel face. 

2.1 Face support pressure transmission by 
means of a bentonite membrane 

According to the assumptions in DIN 4126 a 
bentonite membrane – a so called filter cake – is 
formed for support pressure transmission in fine-
grained grounds with a grain diameter of 

2010 ,d  mm. This means that the effective 
support pressure p  is transferred with normal 
stresses on the ground grain structure by a high 
pressure gradient in a thin low water-permeable 
layer of the thickness Benth  with a coefficient of 
permeability Bent,Fk : Bentpp , see Fig. 3a). 

The flow process of filtrate water from the 
grout mortar within this bentonite membrane can 
be grasped with the help of the common ap-
proach according to Darcy about the value 

Bent,Fk  of this layer. The flow resistance BentR
is bigger, the greater the appropriate membrane 
layer thickness Benth  is: 

Bent,FBentBent k/hR  (2) 

The effective drainage pressure 0p , which 
causes solidification of the grout mortar, arises 
by presence of a bentonite membrane from the 
pressure difference between injection pressure 

0p  and pore water pressure in the ground wp :

wppp 00  (3) 

2.2 Face support pressure transmission by 
means of static shear stresses 

In grounds with a grain diameter of 
2010 ,d  mm a stagnant penetration of slurry to 

the extent s  can be assumed according to 
DIN 4126. In this area the effective support pres-
sure p  is transferred by means of static shear 
stresses as a result of the slurry yield point F :

Stagpp . With regard to the expelling of 
grout mortar filtrate water into the surrounding 
ground, this pressure amount acts as an addition-
al static counter-pressure to the pore water pres-
sure wp . However, no bentonite membrane has 
formed, therefore 0BentR .

As a result of thixotropic hardening, in the 
time span between initial penetration of slurry in-
to the pore space of the ground and having an ef-
fective annular gap grouting process under a 
pressure 0p  – which is connected to a further 
shifting of the stagnated plug of slurry of the 
length s  – the value Stagp  rises on Stagp .
Depending on the bentonite sort, its dosage and 
duration of thixotropic hardening the relation 
amounts to 5,25,1/ StagStag pp . This cor-
responds to the quotient of static yield point 

stat,F  and calculative yield point F  according 
to DIN 4126. Consequently, for the drainage 
process of grout mortar which is injected with a 
pressure 0p  only a reduced effective drainage 
pressure 0p  is available, see also Fig. 3b): 

wStag pppp 00  (4) 

Figure 3. Pressure conditions at the roof excavation reveal 
a) Bentonite membrane, b) Stagnation of slurry

2.3 Hybrid form of pressure transmission 

According to recent findings, both described 
mechanisms can be active proportionately de-
pending on ground and slurry properties so that a 
hybrid form of support pressure transmission is 
present, see [1]. This applies, in particular, to re-



generated slurries from which with building site-
common equipment (vibrating screens and hydro 
cyclones) not all silty and sandy grain fractions 
can be separated. 

3 DRAINAGE PROCESS 

According to [2] the time-dependent grout mor-
tar drainage process can be described mathemati-
cally with the help of a filtration equation known 
from industrial processes. The layer from drained 
mortar material Fkh  (see also xhFk  in Fig. 2) 
steadily growing with the time can be considered 
as a filter cake and the expelled grout mortar 
mixing water as filtrate (water). After the neces-
sary drainage time erft  the process has finished 
and the annular gap is filled completely with 
drained mortar material, i.e. rhFk .

The approach presented in the above men-
tioned publication was valid originally only for 
the presence of a bentonite membrane with a 
flow resistance BentR  as described in section 
2.1. As in the case of support pressure transmis-
sion by means of static shear stresses (see section 
2.2) – linked with a stagnant penetration s  as a 
result of slurry yield point F  – only the pres-
sure amount 0p  according to equation 4 has 
changed, it is also possible to take into account 
this mechanism. The result is a modified filtra-
tion equation, see Eqn. 5. Furthermore, in that 
way also a hybrid form of support pressure 
transmission as mentioned in section 2.3 can be 
taken into account. 

BentFkFBentFkF

erfFkF
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With: Fkh  Height of mortar filter cake 
r  Annular gap width 

va  Volume loss as a result of drainage 

0p  Eff. drainage pressure (acc. to Eqn. 3 or 4) 

w  Specific weight of pore water 

FkFk ,  Permeability of mortar filter cake 

erft Necessary drainage duration 

BentR  Membrane resistance (acc. to Eqn. 2) 

3.1 Example calculation 

With the help of an exemplary traffic tunnel it 
shall be indicated which duration the drainage 
process of cement-free grout mortar takes up in 
practice. In the course of this, a section of the 
annular gap is regarded in the area of the tunnel 
roof. The following assumptions are made, see 
also Fig. 4: 

Excavation diameter: 009,D  m 
Overburden: 51351 ,D,  m 
Depth of groundwater table: 2 m 
Annular gap width: 15r  cm 
At least permeable soil: 51001,kF  m/s 
Specific weights: 012021 ,/,'/  kN/m3

Eff. face support pressure: 50p  kN/m2

Figure 4. Tunnel of example 

The grouting pressure 0p  in the area of the tun-
nel roof is usually so adjusted that it corresponds 
just to the overlaying ground and ground water 
pressure. For the above example there is: 

0,100,125,110,2100,20p = 295 kN/m2.
With regard to the properties of the grout mor-

tar, values of experience are estimated which can 
be determined through simple lab tests (e.g. filter 
press set-up according to DIN 4127), see [1]. 
Regarding the drainage process, above all, the 
permeability of the growing mortar filter cake 

Fk,Fk  and the volume loss as a result of drain-
age va  are of importance. The drainage process 
takes up a longer duration if the mortar filter 
cake permeability is low and a lot of mortar mix-



ing water must flow into the surrounding ground. 
Typical values are: 

Permeability of grout mortar filter cake: 
81052,k Fk,F  m/s 

Volume loss as a result of drainage: 
10va  % 

3.1.1 Bentonite membrane 
On the basis of experience values a current flow 
resistance of the bentonite membrane of 

71003,RBent  s is assumed. This value arises 
according to equation 2 for a layer thickness of 

3Benth  mm with a coefficient of water perme-
ability of 101001,k Bent,F  m/s. The latter 
value can be derived, for example, also on the 
building site by evaluating of the tunnel drive as-
sociated slurry protocol (filter press set-up).

In the case of support pressure transmission 
by means of a bentonite membrane, the effective 
drainage pressure 0p  corresponds after equa-
tion 3 to the grouting pressure 0p  less ground 
water pressure wp . Therefore there is 

1801152950p  kN/m2. Insertion of the 
values and dissolving of equation 5 after erft  de-
livers the necessary drainage duration: 
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3.1.2 Static shear stresses 
Provided that the effective face support pressure 

p  is transmitted by means of static shear 
stresses as a result of the slurry yield point F
the effective drainage pressure 0p  decreases 
(according to the implementation in section 2.2) 
over the amount wp . Nevertheless, no low wa-
ter-permeable bentonite membrane exists which 
must be passed by mortar filtrate water, i.e. 

0BentR .
In the present calculation example thixotropic 

hardening is considered by the factor 

02,/p/p Fstat,FStagStag . The effec-
tive drainage pressure 0p  according to equa-
tion 4 for this tunnel with an effective face sup-
port pressure 50Stagpp  kN/m2 amounts 
to: 115500,22950p 80 kN/m2. Inser-
tion of the values and dissolving of equation 5 
after erft  delivers the necessary drainage pro-
cess duration again: 
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3.2 Limitations of application 

A comparison of the calculated values indicates 
that grounds in which (solely) a support pressure 
transmission occurs by means of static shear 
stresses are the optimum range of application for 
cement-free grout mortar. These are generally at 
least high water-permeable gravelly sands with 

3105Fk  m/s. But also in “only” water-
permeable soil conditions in terms of DIN 18130 
with 5101Fk  m/s (and with it to negligible 
flow resistance in the surrounding ground in the 
course of the mortar drainage process) a com-
plete grout mortar draining in the annular gap 
occurs already within a few tunnel driving cy-
cles. Consequently, here can be spoken of a pos-
sible range of application. To sum up, these con-
clusions are shown in Fig. 5. 

Nevertheless, condition for the validity of the 
time spans erft  calculated above is that of opti-
mum manner the grouting pressure 0p  in the an-
nular gap will maintain on a high level also dur-
ing tunnel drive interruptions. For this 

In particular it has to be guaranteed that the 
grouting pumps are not switched off before 
the end of the actual driving process and 
Besides, single manual – or automatically 
steered – pump strokes must be executed 
during shutdown periods. 

Provided that the listed demands are fulfilled, 
cement-free grout mortar is already after the as-
sembling and grouting of a few segmental lining 
rings no longer flowable but in a state form simi-



lar to ground. In consequence, damages on the 
segmental lining elements due to spalling of con-
crete, which are to be registered in general al-
ready from 5 to 10 rings after leaving the shield 
tail of the TBM, can be avoided in suitable 
ground conditions (i.e. in at least water-
permeable grounds in terms of DIN 18130-1 
with 5101Fk  m/s) more effectively than 
with a conventional cement grout mortar whose 
hardening only begins after several hours. 

4 PROPERTIES OF DRAINED MORTAR 

The characteristic ground-mechanical property of 
drained mortar material with regard to lining 
bedding behavior is the stiffness or the con-
sistency. The latter should be at least "stiff" or 
better "semi-solid". In the course of this, the ef-
fective drainage pressure level 0p  plays a cru-
cial role because of non-linearity in stress strain 
behaviour. Hence, many parameters cannot be 
specified generally but have to be referred to the 
effective stress '  in the annular gap: 0' p .

Based on a passed lab testing program the fol-
lowing ground-mechanical properties of a more 
exactly examined cement-free mortar of refer-
ence with a high flour grain content for securing 
pumpability as well as a good grain gradation by 
the fine sand area up to the used largest grain di-
ameter from 6maxd  mm can be specified: 

Values of the stiffness module sE  (meas-
ured in a large-scale oedometer with a di-
ameter of 20 cm and one-sided drainage 

possibility) are to be achieved which 
amount about to the 100-fold of the effec-
tive stress level ' : '100sE .
In consolidated and drained (CD) triaxial 
compression tests an angle of internal fric-
tion of 40' ° was determined. Besides, 
on account of the flour grain portion a low 
cohesion of 10'c  kN/m2 was registered. 

5 RESUME

In sufficient water-permeable grounds with 
5101Fk  m/s grout mortar for annular gap 

grouting that is totally free of cement and with 
optimized mixing design with regard to quick 
draining performance (and coefficient of water 
permeability Fk  of the grout mortar filter cake 
of approx. 8105,2Fk  m/s) is earlier able to 
provide to the segmental tunnel lining elements 
stiff bedding than conventional cement grout 
mortar whose hardening only begins after several 
hours. In consequence, besides the decoupling of 
logistical dependences on a TBM this type of 
grout mortar has the strong advantage of contrib-
uting to avoid damages on the segmental lining. 

Hence, it is suggested to rethink about the 
demand for a high unconfined compression 
strength uq  of the annular gap material at the 
age of one day in the range 0,15,0uq
MN/m2 or the general specification „according to 
the qualities of the surrounding ground“ that can 
up to now often be found in calls for bids. In-
stead it is recommended, basing on the present 
paper, to require short drainage duration in the 
course of the usage of cement-free grout mortar. 
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Figure 5: Application ranges of cement-free grout mortar 















Influence of a core size on correlation between 
Schmidt rebound hardness and uniaxial 

compressive strength on Tertiary sedimentary 
rocks from Slovenia 

Teja Fabjan1

IRGO Consulting 
Vladimir Vukadin 

IRGO – Institute for Mining, Geotechnology and Environment 

ABSTRACT 

Tertiary sedimentary rocks discussed in this paper cover a significant part of Slovenian territory and are often encountered in ge-
otechnical construction. During geotechnical site investigation Schmidt hammer test is frequently employed because it is quick
and non-destructive method, which provides continuous information over entire length of core. However, Schmidt rebound
hardness has no direct geotechnical meaning, unless is correlated with uniaxial compressive strength.  
As shown by many researchers [7, 10, 12, 16] Schmidt rebound hardness is depended on specimen diameter and lithology. For
this purpose influence of drill cores size on Schmidt rebound hardness was investigated to predict strength-size relationship. 
Measurements were carried out on six types of Tertiary rock including marl, siltstone, sandstone, their combination (flysch), po-
rous sandstone and limestone. The collected data were analyzed and empirical correlations between uniaxial compressive
strength and Schmidt rebound hardness was obtained for different rock types.  
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1 INTRODUCTION 

Schmidt hammer test is often used during geo-
technical site investigation. It was developed in 
late 1940s for testing concrete hardness [1] and 
was later used to determine hardness of rock [2]. 
Since then it has been widely used, because it is 
a quick, usually non-destructive and inexpensive 
method. It could be used in the laboratory or in 
the field. Result of the testing is a Schmidt ham-
mer rebound hardness number/value (Hr). 

However, Schmidt hammer rebound value has 
no direct geotechnical meaning, unless it is cor-

related with uniaxial compressive strength 
(UCS). In last few decades many researchers 
have developed correlations with Schmidt ham-
mer rebound values mainly for estimating UCS 
and Young modulus (E) for different rock types. 
Developed correlations can be divided into three 
categories: 

Linear correlation: Deere and Miller [3] 
based on basalt, diabase, dolomite, gneiss, 
limestone, marble, quartzite, rock salt, 
sandstone, schist, siltstone and tuff; 
O’Rourke [4] based on sandstone, siltstone, 
limestone and anhydrite; Sachpazis [5] 



based on 33 different carbonates; Tuglur 
and Zarif [6] based on granitic rocks; Shal-
abi et al. [7] based on dolomite, rock shale, 
marble, deopside, anhydrite and limestone; 
and Cobanoglu and Clik [8] based on sand-
stone, limestone and cement mortar; 
Exponential correlation: Xu et al. [9] based 
on Mica-schist; Katz et al. [10] based on 
marble, limestone, granite, sandstone, chalk 
and syenite; Yilmaz and Sendir [11] based 
on gypsum rock; and Aydin and Basu [12] 
based on granitic rocks; 
Power correlation: Derman and Irfan [13] 
based on granitic rocks; Gökçeo lu [14] 
based on marl; Yasar and Erdogan [15] 
base on limestone, sandstone, marble and 
basalt; Yagiz [16] based on travertine lime-
stone, schist and dolomitic limestone; and 
Kilic & Teymen [17] based on 19 rock 
types. 

Some of the researchers [3, 7, 15, 16] also de-
veloped correlations between UCS or Schmidt 
hammer rebound value and unit weight ( ) or wa-
ter content (w). 

In this paper, influence of a core size on corre-
lation between Schmidt hammer rebound values 
and UCS is presented on several Tertiary sedi-
mentary rocks from Slovenia. In addition, the in-
fluence of unit weight and water content is also 
investigated.  

2 RESEARCH AREA AND MATERIALS  

In this study, six different rock types are com-
pared from three different sites in Slovenia. The 
Dra enci – Gru kovje site (site A) is located in 
the eastern part of Slovenia and the other two 
sites Diva a – Koper (site B) and Jagodje – Luci-
ja  (site C), are located in SW Slovenia, as is 
shown on Figure 1. All the data were collected 
during geotechnical investigations for highway 
and railway projects that are currently under 
way. Particular site spans over area of several 
kilometers in length.  

On all three sites only Tertiary sedimentary 
rocks were encountered: rocks of Miocene age at 
site A (sandstone, porous sandstone and silt-

stone) and rocks of Eocene age at sites B and C 
(limestone, marl, siltstone, sandstone and flysch).  
Flysch (sequence) represents rocks with variable 
combinations of marl, siltstone or/and sandstone. 

Altogether 103 measurements were taken 
from specimens at site A, 189 from site B and 43 
specimens from site C. The detailed information 
about tests and measurements is given later.  

Figure 1. Location of study sites: A) highway Dra enci - 
Gru kovje (red point), B) railway Diva a - Koper (yellow 
point) and C) highway Jagodje-Lucija (blue point). 

3 METHODS AND TESTING 
PROCEDURES 

For purpose of this study, the measurements of 
Schmidt hammer rebound values and UCS were 
carried out. The Schmidt rebound hardness was 
executed in accordance with ISRM suggested 
methods [18] and ASTM standard [19] using 
Matest concrete test hammer, model C380, with 
2.207 J spring impact energy. The Schmidt 
hammer was used in the laboratory and in the 
field on cylindrical specimens taken from bore-
holes with diameter ranging from 43.7 to 101 
mm. Measurements were never taken on out-
crops or rock cuts. The Schmidt hammer was 
held in downward position on fresh specimens, 
which were placed in a 26 kg V-steel base. No 
additional correction curves provided by manu-
facturer were applied for downward position.  



UCS tests were following ASTM standard 
[20] using the 1140 kN SBEL compression ma-
chine on cylindrical specimens with diameter 
ranging from 47.5 to 101 mm. 

In addition to Schmidt hammer rebound val-
ues and UCS, measurements of water content 
and unit weight were carried out on specimens 
tested in laboratory. The total number of tests on 
different rock types is shown in Table 1. 

Table 1. Number of measurements for each rock type and in-
vestigated sites. 

Site Rock type No. 
of  
UCS 

No. 
of  
Hr

No. 
of  

No. 
of  
w

A sandstone 
porous sandstone 
siltstone 

37 
7 
59 

26 
5 
29 

37 
7 
59 

36 
7 
58 

B limestone 
sandstone 
siltstone 
marl 
flysch* 

127 
39 
1 
3 
19 

68 
0 
0 
2 
0 

127 
39 
1 
3 
19 

66 
0 
1 
2 
0 

C sandstone 
siltstone 
marl 
flysch* 

7 
1 
2 
33 

7 
1 
2 
33 

7 
1 
2 
33 

7 
1 
2 
3 

Total 335 173 335 183 
*flysch represents a specimen variable combinations of marl, 
siltstone or/and sandstone. 

4 RESULTS AND ANALYSIS 

As can be seen from Table 1, total of 173 
Schmidt hammer rebound values were made on 
different rock types on different core diameters 
from all three sites. Results from all measure-
ments are presented on Figure 2. A significant 
scatter of results can be observed when all results 
are compared. Detailed analysis has shown that 
there is no significant difference between the 
same rock types from different site, so all the da-
ta from the same lithology is treated together re-
gardless of their origin. 

The best correlation was observed for lime-
stone (R2 = 0.72); somewhat lower correlation 
for siltstone (R2 = 0.49), while the data for sand-
stone and flysch correlates very poorly (R2 < 
0.20). The scatter observed on flysch is expected 
because of different combinations of sandstone, 
siltstone and marl components.   
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Figure 2. Correlation between Schmidt hammer rebound val-
ues Hr and specimen diameter d. 

It is harder to explain the weak correlation ob-
served in sandstone. It can probably be attributed 
to varying contents of calcareous and quartz 
components. Data for porous sandstone and marl 
are also shown on Figure 2, but without correla-
tions because of the small number of measure-
ments.    
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Figure 3. Correlation between UCS and Schmidt hammer re-
bound values Hr based on rock lithology. 



The correlation between UCS and Schmidt 
hammer rebound values for all rock types is 
shown on Figure 3. Again larger scatter can be 
observed, and the exponential correlation has 
low correlation coefficient (R2 = 0.57). 

The same data are shown again on Figure 4, 
however, this time they are interpreted regarding 
on specimen diameter (d). Significantly im-
proved correlations can be observed and correla-
tion coefficient is increasing from smallest di-
ameter (R2 = 0.57) towards largest diameter (R2

= 0.81) regardless of the rock type. It was dis-
covered that a correlation curves of wider diame-
ter sizes are moving down on the graph. 
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Figure 4. Correlation between UCS and Schmidt hammer re-
bound values Hr based on specimen diameter (core). 

Despite weak correlation coefficient for expo-
nential curve between UCS and Schmidt hammer 
rebound values, we can see on Figure 5 that the 
correlation from this study falls within range of 
exponential and power empirical equations de-
rived by other researchers [3-17].  

However, for the same Schmidt hammer re-
bound value empirical correlations developed by 
different researchers could give up to 5 times dif-
ferent values of  UCS. This implies that these 
empirical correlations are not general in nature 
and have to be used with great care. Computed 
UCS values should be treated as an approximate 

estimation appropriate only for general determi-
nation. 
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Figure 5. Comparison between developed correlations be-
tween UCS-Hr from this and other studies [3, 7, 12, 15, 16]. 

21 22 23 24 25 26 27

g [kN/m3 ]

0

20

40

60

80

100

120

140

160

180
Legend

limestone
porous sandstone
sandstone
siltstone
marl
flysch

UCS = 1.32e0.943g

R2 = 0.66

Figure 6. Correlation between UCS and unit weight . 

The following two figures (Figure 6 and 
Figure 7) show correlation between unit weight 
and UCS, and Schmidt hammer rebound values. 



In both cases we can clearly see that UCS and 
Schmidt hammer rebound values are increasing 
with increasing unit weight, which is expected 
and was also reported by other studies [3, 7, 15, 
16]. 
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Figure 7. Correlation between Schmidt hammer rebound val-
ues Hr and unit weight . 
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Figure 8. Correlation between UCS and water content w.  

In the final two figures (Figure 8 and Figure 
9) show correlation between water content and 
UCS, and Schmidt hammer rebound values. A 
decrease of UCS and Schmidt hammer rebound 
values with increasing water content is clearly 

seen. On Figure 9 data points fall closer to the 
fitted curve at high Schmidt hammer rebound 
values, but become more scattered at lower val-
ues. This suggests the ability to estimate water 
content of rocks using Schmidt hammer test is 
the best at the high Schmidt hammer rebound 
values, and less reliable at lower values. 
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Figure 9. Correlation between Schmidt hammer rebound val-
ues Hr and water content w.  

CONCLUSIONS 

In this paper a core size diameter influence on 
Schmidt hammer rebound values and the correla-
tion with UCS was investigated on Tertiary sed-
imentary rocks from Slovenia. Specimens were 
collected from three different locations and based 
on the presented data the following conclusions 
can be made: 

The core size diameter strongly influences 
on Schmidt hammer rebound values. By 
increasing core diameter also is observed 
the rising of Schmidt hammer rebound val-
ue (Figure 2). 
Weak correlation coefficient (R2 = 0.57) 
and large data scatter show that results ob-
tained with Schmidt hammer tests have to 
be analyzed carefully when a correlation 
with UCS is sought (Figure 3). 



When core size diameter is taken into ac-
count much better results with higher corre-
lation coefficient (R2 = 0.57 – 0.81) can be 
obtained as was shown on Figure 4.  
With increasing unit weight UCS and 
Schmidt hammer rebound values are also 
increasing (Figure 6 and Figure 7). 
With increasing water content UCS and 
Schmidt hammer rebound values are de-
creasing (Figure 8 and Figure 9). 

Even though a large scatter was observed pre-
sented correlation falls within range obtained by 
other researchers. Low correlation coefficients 
can be attributed to relatively small number of 
investigated specimens. With further investiga-
tions additional data will be added and presuma-
bly better correlation will be obtained.  

A large scatter of proposed empirical correla-
tion presented in Figure 5, implies that this corre-
lations are not general. They have to be used and 
interpreted in light of analyzed rock type, site lo-
cation, core diameter and measurement proce-
dure. In this light the proposed correlation can 
currently be used only for approximate estimate 
of UCS at the investigated locations in Slovenia. 
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Backanalysis in tunnels using different 
minimization algorithms 
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ABSTRACT 

The paper describes a procedure to perform backanalysis of tunnel excavation problems in an auto-
matic manner. The measured displacements are compared with the calculated ones obtained from a Fi-
nite Element Analysis, forming the objective function. The parameters that best represent the measured
data are those that minimize the objective function and a suitable minimization algorithm is required. 
In this paper a genetic algorithm and a gradient based method are described. The Finite Element code
Plaxis has been used as a tool for the direct analysis.The parameters to identify are the coefficient of
lateral earth pressure (K0) and the reference Young's modulus for unloading and reloading (Eur

ref),   to 
the reference pressure (pref). The "Hardening soil model" from Plaxis has been the constitutive model
selected to simulate the soil behavior. The geometry considered is a synthetic case involving the exca-
vation of a circular tunnel. The paper shows the advantages and disadvantages of each optimization al-
gorithm in the context of this tunnel excavation problem. 

Keywords: Backanalysis, Genetic Algorithm, Tunnel 

1 INTRODUCTION 

Nowadays the use of commercial software based 
on finite element method (FEM) has become 
very popular in geotechnical engineering. More-
over, these programs continuously incorporate 
more sophisticated constitutive models to simu-
late soil behavior and consequently, more pa-
rameters are required to define them. Often some 
parameters (especially in sophisticated constitu-
tive models) do not have a real geotechnical 

meaning as they just come from a mathematical 
expression, which makes them difficult to identi-
fy.  

Traditionally soil parameters have been ob-
tained from laboratory tests. However, in many 
cases samples in a laboratory test do not repre-
sent the whole soil environment. In addition to 
that, sample extraction by itself causes some dis-
turbance and changes on the soil properties are 
difficult to quantify. In order to avoid those prob-
lems some researchers have been working on 



backanalysis trying to identify soil parameters 
using in situ instrumentation data. The estimation 
of soil and rock parameters based on field in-
strumentation data is a common procedure in 
Geomechanics [1]. From a mathematical point of 
view, the identification of parameters results in a 
minimization problem. Examples of backanalysis 
in the context of tunnel excavation problems are 
described in Ledesma et al [2], Ledesma and 
Romero [3], and Gens et al [4], among others. In 
those works, a maximum likelihood approach is 
presented to estimate the required parameters and 
the gradient method is used as optimization algo-
rithm. The main difficulty when estimating pa-
rameters is that several combinations of them 
may give similar results in terms of measurement 
variables and therefore the solution is not unique. 
Because of that, part of the research in this field 
has been devoted to the improvement of the op-
timization process itself. A recent example of 
identification in Geomechanical problems using 
genetic algorithms has been presented by Levas-
seur et al [6].    

This paper describes the identification of 
some of the most relevant soil parameters in a 
tunnel construction as the coefficient of lateral 
earth pressure (K0) and the reference Young's 
modulus for unloading and reloading (Eur

ref), cor-
responding to the reference pressure (pref). The 
Hardening Soil Model defined by Schanz et al 
[7] has been chosen as the constitutive model and 
a synthetic case has been used to represent the 
tunnel construction using the commercial ge-
otechnical program Plaxis. Two different 
backanalysis techniques have been used. One of 
them is based on a genetic algorithm and the oth-
er one is based on the gradient method. 

2  BACKANALYSIS PROCEDURE 

It is assumed that a fixed and deterministic mod-
el relates a set of variables x and a set of parame-
ters p. Some of the variables x are measured and 
form the vector of measurements x*. The best pa-
rameters are those that minimize the difference 
between measured variables and computed vari-
ables. A simple procedure to establish that, is de-
fining the so called objective function , F: 

(1) 

where m is the number of measurements, i.e. soil 
displacements. F represents the error between the 
measurements and the same variables computed 
with the model. In this case, the objective func-
tion is based on the least squares criterion. Ex-
pression (1) can be generalized when measure-
ments are not independent or have different 
errors [2]. Note that F is a function of the param-
eters, as x = M(p), where M represents the mod-
el. Minimizing F will provide with the set of pa-
rameters that best simulate the measurements 
obtained. 

It should be pointed out that F depends in a 
nonlinear manner on the parameters. The model 
M is usually represented by a Finite Element 
procedure, maybe with a nonlinear constitutive 
law. Even when a linear law is used, the objec-
tive function, F, is nonlinear with respect to the 
parameters p. That makes difficult to find the 
minimum of F. When only one or two parame-
ters are identified, a simple inspection of the val-
ues of F may be enough to estimate the mini-
mum. This has been the case in the example 
described in this paper. Moreover, the plot of the 
objective function is useful to understand the 
sensitivity of measurements to the parameters 
considered in the analysis. However, if more 
than two parameters are involved, then it is more 
convenient to use any minimization algorithm 
available.  

In general it is necessary to choose between 
methods that only need evaluations of the func-
tion and methods that also require computations 
of the derivative of that function. Algorithms us-
ing the derivative of the objective function are 
expected to be more powerful than those using 
only the values of the function itself, but they 
may be generally more time consuming. A com-
bination of both approaches can be also a good 
strategy in complex problems. 
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2.1 Genetic algorithm 

A genetic algorithm is an optimization method 
inspired by Darwin s theory of evolution and 
proposed by Holland [8] and subsequently by 
Goldberg [9]. Genetic algorithm has been used in 
many different fields to optimize all kind of 
functions from the beginning but it wasn´t ap-
plied in geotechnics until Levasseur et al [6]. The 
algorithm is a stochastic global search technique, 
which does not need to evaluate derivatives and 
it works evaluating a cloud of possible solutions 
and selecting the best ones for the next iteration 
(generation).   Crossover and mutation are the 
operators in charge of driving the search. Cross-
over is the one which exploits the areas with 
good potential solutions (individual) and muta-
tion is the one which explores new areas where 
good potential solutions could be. The objective 
function is used to evaluate how good an indi-
vidual is. This method does not guarantee that 
the optimum solution is found, but it can find 
relatively close solutions to the optimum, espe-
cially in problems with a large number of param-
eters. 

2.2 Gradient method 

The gradient approach is based on the Gauss-
Newton method, described in [2]. Starting from 
an initial set of parameters, the next set is com-
puted in this manner: 

pk+1 = pk + pk
pk = (AT A)-1 AT x 
x = (x* - x)                 (2) 

where A is the sensitivity matrix, defined as 

A = x/ p                                  (3) 

Note that in general these derivatives must be 
computed using a finite difference approxima-
tion. This is the procedure considered in this pa-
per: starting from a set of parameters and the cor-
responding computed displacements, one of the 
parameters is slightly incremented keeping the 
rest constant. The new displacements are com-
puted and the change in displacements is divided 
by the increment of the parameter, obtaining a 
first order approximation to the derivative. The 

determination of the appropriate increment of the 
parameter must be analyzed previously for each 
type of model. 

3 SYNTHETIC CASE 

A synthetic case has been chosen to study the 
behaviour and the performance of the 
backanalysis procedure using two different opti-
mization techniques.  The aim of using a synthet-
ic case is because of its simplicity helps to focus 
the study on the understanding of the different 
techniques rather than the final parameter values. 

3.1 Description 

The case study is a symmetric circular tunnel 20 
m deep and 10 m diameter. The model is 80 me-
ter wide and 40 meter high. The hardening soil 
model in undrained condition has been used as 
constitutive model. The parameters are shown in 
table 1. The rest of parameters used in the model 
are the default program parameters.  

Table 1. Soil parameters (Hardening Soil Model).[10]
Parameter Value 

unsat 19 [kN/m3] 
sat 21 [kN/m3] 

Permeability 
E50

ref 

Eoed
ref 

Eur
ref

cref

Rinter

K0

0.026 [m/day] 
25000 [kN/m2] 
20000 [kN/m2] 
50000 - 350000 [kN/m2] 
10 [kN/m2] 
28 [º] 
0.6 
0.4  2 

Three different stage constructions have been de-
fined to simulate the tunnel excavation.  

Phase 1: Tunnel excavation using the 
Plaxis method MStage to simulate a vol-
ume loss close to 0.5% ( MStage = 0.2). 

Phase 2: Tunnel construction activating the 
lining. See table 2 for lining properties. 

Phase 3: Dissipation of all the excess of 
water pressure caused by the tunnel con-
struction process. 



Table 2. Lining tunnel parameters. d is thickness, w is the 
lining weight. EA, EI are stiffness parameters [10] 

Parameter Value 
EA 1.125E7 [kN/m] 
EI 1.898E5 [kNm2/m] 
d 
w 

0.45 [m] 
11.250 [kN/m/m] 
0.2 

3.2 Measurements 

Ten points with vertical displacement infor-
mation have been chosen as in situ instrumenta-
tion data. The locations of these points try to 
simulate an extensometer 2 meters away from 
the tunnel side (see figure 1).   
The measurements used in this case have been 
extracted from a direct calculation using the 
Plaxis model with Eur

ref=75000kN/m2 and 
K0=1.5. Final displacements after all phases have 
been considered in the backanalyses. 

Figure 1. Plaxis geometry model. 

3.3 Identification of parameters 

To identify Eur
ref and K0 three backanalysis pro-

cedures have been conducted. The first one used 
genetic algorithm and the two others used the 
gradient method with different starting points. 

The parameters controlling the genetic algo-
rithm performance have been defined following 
the recommendations proposed by De Jong [11] 
and Grefenstette [12]. A calibration process tun-
ing the genetic algorithm parameter has been 
performed as well. Table 3 presents the parame-
ters employed. 

Table 3. Genetic algorithm parameters. Pc: Probability to 
apply crossover, Pm: Probability to apply mutation and GAP: 
Overlapping. 

Parameter Value 
Population Size 51 
Pc 0.95 
Pm 
GAP 
Selection Strategy 

0.01 
1 
Elitist 

The search space has been defined as the all pos-
sible combinations of Eur

ref and K0 for the follow-
ing values:  

 Eur
ref

minimum = 50000 kN/m2

 Eur
ref

maximun = 350000 kN/m2

 Step Size (Eur
ref ) = 1000 kN/m2

 K0_minimum = 0.4 
 K0_maximum = 2 
 Step Size (K0) = 0.01 

The search space contains around 50000 pos-
sible solutions and one of them corresponds to 
the solution (the parameters that have been used 
to generate the measured  displacements). As it 
can be observed, the accuracy of the final result 
depends on the search space definition. A very 
refined search space can give us a very good so-
lution, but it has an expensive computational 
cost. To visualize the search space, the objective 
function has been depicted in figure 2.  

75000 125000 175000 225000 275000 325000

0.5

0.7

0.9

1.1

1.3

1.5

1.7

1.9

Figure 2. Search space. K0 is represented in the vertical 
axis and Eur

ref [kN/m2] in the horizontal one. The optimum is 
located in K0 = 1.5 and Eur

ref = 75000kN/m2. 

As only two parameters are identified, it is 
possible to plot contours of F and to locate the 
minimum by visual inspection. Thus, the evolu-



tion of the identification algorithms can be de-
picted as well. 

The results using genetic algorithm are shown 
in figures 3 and 4 where the first one represents 
the initial population in the search space and the 
other one represents the population in the last 
generation. The algorithm has reached the opti-
mum (Eur

ref=75000kN/m2 and K0=1.5) after five 
generations and after evaluating 158 possible so-
lutions. 
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Figure 3. Genetic algorithm.Initial population. K0 is rep-
resented in the vertical axis and Eur

ref [kN/m2] in the horizon-
tal one. 
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Figure 4. Genetic algorithm. Final population. K0 is repre-
sented in the vertical axis and Eur

ref [kN/m2] in the horizontal 
one. 

     To identify the parameters using the gradient 
method two different starting points have been 
chosen.  

 Starting Point 1: Eur
ref = 325000kN/m2

                       K0 = 0.4 

 Starting Point 2: Eur
ref = 325000kN/m2

                       K0 = 0.6 

Using the starting point 1 the method gets 
stuck into a local minimum. Therefore, no solu-
tion has been obtained using the initial point 1.  
The starting point 2 has been chosen out of the 
area where the local minimum is located in order 
to avoid that. The problem is that, usually, it is 
very difficult to decide in advance where a good 
starting point is and the performance highly de-
pends on this initial point on the search space. 
Figure 5 shows how the method drives the search 
to get the optimum. 

After seven iterations using the starting point 
2 the method has reached the optimum 
(Eu

ref=75000kN/m2 and K0=1.5) and it just need-
ed to evaluate 19 times the Plaxis model.   

Table 4 presents a summary of both types of 
approaches with respect to this example. Note 
that the gradient method is very efficient in terms 
of number of calculations employed, but it may 
fail sometimes depending on the initial point 
adopted. On the contrary, the genetic algorithm 
may require many analyses, but it is easy to get a 
solution close enough to the real one, if the 
search space is well explored.  

75000 125000 175000 225000 275000 325000
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4

Figure 5. Gradient method. ( ) Iteration using the start-
ing point 1. ( ) Iteration using the starting point 2. 



Table 4. Summary of results. 
Genetic Algorithm Gradient Method 

 (starting point 2) 
Parameter estimated Parameter estimated 
Eur

ref = 75000kN/m2 Eur
ref = 75000kN/m2

K0 = 1.5 
Number of calculations 
158 

K0 = 1.5 
Number of calculations 
19 

4 CONCLUSIONS 

The paper presents a methodology to perform 
backanalysis of geotechnical problems in an au-
tomatic manner. Measurements obtained from 
field instrumentation are used as input data to 
identify the best set of parameters by minimizing 
an objective function. This function depends on 
the differences between the measured values and 
the computed ones using a defined model. 

The objective function is nonlinear with re-
spect to the parameters, even when a linear elas-
tic constitutive law is used. There are several op-
tions to compute the minimum of that function. 
Two procedures are considered in this work: a 
gradient method, which requires to compute de-
rivatives of the objective function, and a genetic 
algorithm which only needs to evaluate the func-
tion for some particular values of the parameters. 
A synthetic example, based on a tunnel excava-
tion problem,  has been used to show the capabil-
ities of both approaches. A set of 10 displace-
ments computed using a set of parameters of the 
hardening soil model have been adopted as 
measurements . Two parameters have been 

identified, Ko and Eur
ref , from those measured  

displacements. On the one hand, the gradient 
method resulted efficient but very sensitive to the 
initial point assumed for the iterative process (in 
one case there was not convergence). On the oth-
er hand, the genetic algorithm always reached the 
minimum, although required a large number of 
computations of the direct case. Therefore an 
improved strategy for future developments 
would be to combine both procedures to find the 
minimum of the objective function.  
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Tunnel face stability under transient conditions: 
stand-up time in low permeability ground 
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ABSTRACT

A tunnel face collapse with crater formation at the surface is the most serious hazard in shallow tunneling. The stability of the
tunnel face is often time-dependent. In shallow tunnelling through water bearing ground, the time-dependency can almost always 
be traced back to consolidation, i.e. to the stress changes and deformations associated with the transient seepage flow process
that is triggered by the drainage action of the tunnel. Undrained conditions and steady state (or drained) conditions mark the be-
ginning and the end, respectively, of the process. The present paper deals with the face stability of shallow tunnels under transi-
ent conditions, i.e. under conditions which lie somewhere between these two extremes. The main topic is the stand-up time dur-
ing standstills in low permeability ground. The short-term behaviour (“undrained conditions”) is more favourable than the long-
term one (“drained conditions”): the deformations increase with time; the tunnel face may be stable initially and fail only after
some time. The calculations are carried out with a three dimensional finite element model considering a full hydraulic-
mechanical coupling. 

Keywords: Tunnelling, transient conditions, numerical modelling, failure criterion, stand-up time. 
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1 INTRODUCTION 

We investigate the issue of the time-dependency 
of tunnel face stability assuming that all time ef-
fects are due to the consolidation process of the 
ground. More specifically, we analyse a common 
geotechnical situation for which the unsupported 
tunnel face remains stable in the short-term (un-
drained conditions), but collapses under drained 
conditions. The paper focuses on the transient 
conditions between these two extremes. The top-

ic is important for medium permeability soils 
such as the glacial deposits which are widely 
present in Central Europe. 

Traditionally, face stability assessment is 
based upon a kinematic approach to the failure 
mechanism [1, 5]. However, these methods are 
not applicable to transient problems, because the 
ground response to tunnelling is governed inher-
ently by the interaction between seepage flow 
and soil deformation. Face collapse under transi-
ent conditions can therefore be investigated only 



by a fully coupled hydraulic-mechanical analy-
sis. Due to the complexity of the problem, few 
works have addressed this topic: [6] investigated 
the stability of the unsupported face during on-
going tunnel excavation, while [8] showed the 
face reinforcement required as a function of the 
consolidation time. There is also relatively little 
research work on the similar problems of delayed 
failure of slopes and excavations [7, 9, 12]. 

2 COMPUTATIONAL MODEL 

The numerical analysis is carried out using the 
finite element program Abaqus [4]. Figure 1 
shows the geometry of the numerical model. The 
ground is discretized with 8-node brick elements 
(C3D8P). The element size varies from 0.5 m 
(close to the tunnel face) to 6 m (at the model 
boundary).  

The water table is taken equal to the elevation 
of the ground surface. No-flow conditions are 
imposed at the tunnel wall (impervious lining) 
and at the symmetry plane. The hydraulic poten-
tial is taken equal to the elevation at the tunnel 
face (seepage face under atmospheric pressure) 
and equal to the initial value at the far field 
boundaries (no draw-down of the water table). 
The tunnel lining is simulated in a simplified 
way by fixing the nodal displacements of the ex-
cavation contour. 

The initial stress field corresponds to the 
overburden pressure at each elevation and as-
sumes a coefficient of lateral pressure K0 = 0.7. 
The ground is modelled as isotropic, linearly 
elastic and perfectly plastic according to the 
Mohr-Coulomb yield criterion. Non dilatant plas-
tic behaviour is assumed (UMAT subroutine ac-
cording to [3]). Table 1 resumes the geotechnical 
parameters considered in the analysis. 

Table 1. Assumed material constants of the ground 

' [kN/m3] 8
E’ [MPa] 20 

 [-] 0.3 
' [°] 30 
' [°] 0

c’ [kPa] 15 
k=kx,kz=ky [m/s] 10-7

Figure 1. Numerical model. 

3 UNDRAINED TUNNEL FACE 
STABILITY  

Undrained stability is investigated by reducing 
the total support pressure n from its initial value 

n0 to zero stepwise in very short (relative to the 
permeability) time intervals. 

Figure 2 shows the contour of the plastic zone 
and the displacement vectors at the two points A 
and B after complete unloading of the tunnel face 
(dashed lines). It can be seen that the plastic zone 
remains localized in front of the tunnel face. Fig-
ure 3 shows the displacements at points A and B 
of Figure 2 for different values of normalized to-
tal support pressure (defined as the ratio of the 
total support pressure to the initial total stress 
normal to the face). The displacements occur 
mainly in the vicinity of the face (surface settle-
ment is very small) and reach a finite value even 
if the tunnel face is completely unsupported, thus 
indicating stable face conditions. 

The prediction of stable undrained conditions 
agrees with the results obtained by applying the 
kinematic approach [5] assuming a uniform un-
drained shear strength corresponding to the mean 
effective stress at the tunnel axis elevation (i.e., 
cu = c’cos ’+ sin ’ ’zz(1+2K0)/3= 73 kPa [2]). 



4 DRAINED TUNNEL FACE STABILITY 

In the first step of the numerical analysis (step i), 
the pore pressure at the tunnel face is reduced 
from its initial value to zero, while the effective 
support pressure is kept equal to its initial value 

'n0. Figure 3 shows that displacements occur in 
this step due to the steady state seepage forces 
and effective stress changes developing in the 
ground ahead of the face.  

Subsequently we reduce the effective support 
pressure of the face stepwise taking account of 
the steady state pore pressure filed??field??. Fig-
ure 3 shows the displacements at points A and B 
over the normalized effective face support pres-
sure ’n/ ’n0.
With decreasing effective support pressure ’n,
the displacements increase and the plastic zone 
ahead of the face becomes larger (see solid lines 
ii and iii of Figure 2). In contrast to the un-
drained conditions, the displacement of the face 
(point A) does not reach a finite value, but in-
creases asymptotically to infinity when the sup-
port pressure ’n approaches a critical value of 
about 50% ’n0  (unloading step iv). This indi-
cates that the system has reached its ultimate 
state. Re-distribution of the effective stresses is 
no longer possible and the face becomes unstable 
(cf. [10]). A comparative calculation based upon 
[1] gives a critical support pressure very close to 
the numerical one ( ’n/ ’n0 = 55%). Figure 2 
shows that at collapse the plastic zone does not 
reach the ground surface. Similar localized fail-
ures were obtained by [10] with an FEM calcula-
tion assuming dry ground with a high friction 
angle and tension cut-off. Investigations are con-
tinuing as to whether the localization of the fail-
ure in our case is numerically determined or 
whether the soil around the tunnel face stabilizes 
due to arching. 

Figure 2. Contour of the plastic zone and displacement vec-
tors (not scaled) of the points A and B.  

Figure 3. Displacement of points A and B as a function of the 
normalized total face support pressure (undrained analysis, 
dashed lines) or the normalized effective face support pres-
sure (drained analysis, solid lines). 



5 TUNNEL FACE STABILITY UNDER 
TRANSIENT CONDITIONS 

The results of Sections 3 and 4 show that an un-
supported tunnel face will be stable under un-
drained conditions (time t0

+), but fails under 
drained conditions. So a question arises as to the 
evolution of face stability over time and, more 
specifically, the stand-up time of the tunnel face.  

At the ultimate state, re-distribution of the 
stresses in the ground is no longer possible, and 
so the effective stresses remain constant while 
the displacements continue to increase. A con-
stant effective stress field means that the elastic 
volumetric strains also remain constant. As the 
assumed plastic behaviour is non-dilatant, the 
volumetric strains are equal to elastic ones and, 
consequently, they also remain constant at col-
lapse. For these reasons, the ultimate state of the 
model can be identified by observing the time-
development of the displacements, the volumet-
ric strains and the effective stresses at certain 
control points (e.g. points A, C and D in Fig. 4). 
Figure 5a shows the displacement evolution over 
time. The displacements increase rapidly after 2 
hours and become infinitely large after 2.8 hours. 
Note that displacements larger than 1 m violate 
the small strain and small displacement assump-
tions and are included in the diagram only for the 
sake of completeness. 

The rapid evolution of the displacements indi-
cates that the system is approaching the ultimate 
state. From Figure 5b, it seems that the volumet-
ric strains trend to a constant value at 2.4 hours. 
Figure 6 indicates that the effective stresses in a 
distance of 0.25 m ahead of the face (point A) 
decrease over the time due to the swelling pro-
cess (dissipation of the short-term pore water 
suction), and trend to a constant value after 2.4 
hours. All of these observations support the 
statement that the system reaches collapse after 
about 2.4 hours. Figure 4 shows the evolution of 
the plastic zone and of some displacement vec-
tors over time. The kinematics of failure agree 
well with the known wedge and prism mecha-
nism used in limit equilibrium analyses (e.g. [1]).  

Figure 4. Contour of the plastic zone and displacement vec-
tors (not scaled) of points A, B, C and D at t=ts=2.4 h (ulti-
mate state). 

Figure 5. (a) Evolution of the displacements (ux,uz) and of (b) 
the volumetric strain ( vol) at points A, C and D over time. 
The dashed vertical line crossing the time axis at t=ts=2.4 h 
corresponds to the near ultimate state. 



Figure 6. Evolution of the effective stresses ( ’xx, ’yy, ’zz)
and of the pore pressure (p) at point A over time. The dashed 
vertical line crossing the time axis at t=ts=2.4 h indicates the 
near ultimate state. 

Figure 7. Stand-up time ts of the tunnel face as a function of 
the ground permeability k.

The stand-up time, which amounts to about 2.4 
hours in the example discussed, depends essen-
tially on the permeability k of the ground. More 

specifically, for dimensional reasons, it increases 
linearly with the inverse value of k and may 
amount to a few hours or several months (Fig. 7). 
A pronounced time-dependency can be observed 
for permeabilities between 10-10 m/s and 10-8

m/s. At higher permeabilities, the face fails prac-
tically immediately, while at lower permeabili-
ties the face is stable for all practically relevant 
standstill periods. 

6 NUMERICAL STABILITY ISSUES 

Although both the extent of the plastic zone and 
the magnitude of the displacements consistently 
indicate that the system approaches the ultimate 
state at about 2.4 hours, it should be noted that 
the quality of the numerical solution decreases 
close to collapse. 

So for example, at times > 2.4 hrs, the volu-
metric strains at points C and D increase sudden-
ly instead of remaining constant. The same prob-
lem is observed in the time-development of the 
effective stresses, which do not reach a constant 
value. (According to Figure 6, the horizontal ef-
fective stress 'yy and the vertical stress 'zz de-
crease and increase, respectively.)  

Figure 8 presents additional evidence of nu-
merical stability problems. The diagrams show 
the distribution of the pore pressure p and of the 
axial effective stress 'xx along the tunnel axis 
ahead of the face at certain time points. Under 
undrained conditions (time t0

+), negative excess 
pore pressures (suctions) develop in the ground 
up to a distance of 5 m ahead of the tunnel face, 
but dissipate during the subsequent consolidation 
process. As can be seen from the continuity 
equation 

0
pl

volk , (1) 

the pore pressure distribution at the limit state 
should be identical with the steady state distribu-
tion in the case of non-dilatant plastic behaviour. 
Figure 8a shows, however, that the numerical so-
lution does not fulfil this condition. The distribu-
tion of the hydraulic potential close to ultimate 
state is clearly different from the expected, 



Figure 8. Distribution, (a), of the pore pressure p and, (b), of 
the axial effective stress ’xx along the horizontal axis ahead 
of the tunnel face at different time points. 

steady-state distribution. The reason is that for a 
time longer than 2.4 hours, spurious oscillations 
appear in the effective stresses (Fig. 8b). These 
oscillations do not have any physical meaning 
but confirm the occurrence of numerical prob-
lems.  

7 CONCLUSION 

The assessment of tunnel face stability under 
transient conditions is important for shallow tun-

nels excavated in medium-permeability water-
bearing ground. Due to the numerical complexity 
and computational cost of the problem, there is 
little work in the literature dealing with this is-
sue. The results of the present paper show that 
transient, hydraulic-mechanical coupled analyses 
provide useful indications as to the loss of stabil-
ity over time and the stand-up of the tunnel face.  
The numerical analyses performed, however, 
show that numerical accuracy and stability prob-
lems both occur at the limit state. The nature and 
importance of these problems are under investi-
gation. 
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Investigation of long-term creep deformations on 
soil strength 
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ABSTRACT

Clays under high shear stress levels can exhibit significant loss of long-term shear strength which can even cause delayed creep-
induced failure. While volumetric creep (often called secondary compression) tends to increase the shear strength, deviatoric
creep has deleterious effects on shear strength which often prevail in the overall soil behaviour. The paper presents an incremen-
tal elastoplastic-viscoplastic constitutive model based on the overstress theory for natural clays possessing structure. The model
combines structure/strength degradation due to plastic shear strains and strength envelope degradation due to creep shear strains.
The elastoplastic-viscoplastic constitutive model incorporates a Structure Strength Envelope along with an Intrinsic Compressi-
bility Framework, to account for structural degradation associated with plastic strain evolution. On the other hand, strength
envelope degradation is realized through the evolution of the inclination of the critical state line in strength space to a residual
state. Model predictions tested in triaxial shearing mode reveals that the model can predict tertiary creep behaviour, i.e., long-
term creep-induced failure under high shear stress levels. The model is implemented in the commercial F.E. Code ABAQUS and 
used in the bearing capacity of surface foundations. 

Keywords: constitutive relations, elastoplasticity-viscoplasticity, tertiary creep, soil structure, strength degradation, clays, finite 
elements 
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1 INTRODUCTION 

The mechanical behaviour of clayey soils is 
inhibited by the rate of deformation either in-
duced or imposed [1]. In landslides, pile penetra-
tion and offshore foundation wave loading the 
rate governs the overall mechanical behaviour 
associated with strength and deformation charac-
teristics. Constitutive relations have been widely 
employed to represent the viscoplastic characte-
ristics associated with creep. The elastovisco-
plastic constitutive models are based on (1) the 
overstress theory [2, 3], (2) the non-stationary 
flow surface theory [4, 5] and (3) other general 

time dependent formulations that elude the pur-
pose of this paper [6]. 

The focal point of the present paper is the de-
velopment and application of a generalized time-
dependent constitutive model for cohesive soils 
able to predict the rheological transformations 
undertaken during tertiary creep. The model is 
founded on the concept of bounding surface plas-
ticity, in the generalized stress space, and the 
critical state soil mechanics principles imple-
mented within the framework of a generalized 
creep theory. The general overstress theory em-
ployed is not limited to boundary and loading 
conditions, inherently associated with rheologi-



cal models, but can describe all possible stress 
paths and boundary conditions. 

2 CREEP CHARACTERISTICS 

Creep is a term employed to account for the 
time evolving deformations under constant load-
ing conditions i.e. in oedometer or triaxial tests. 
The modes of creep however, activated in the 
two experiments are entirely different. In the oe-
dometer tests the volumetric deformation meas-
ured is the keystone leading to a decrease in void 
ratio and increase of soil strength (Fig1). On the 
other hand, undrained triaxial specimens im-
posed to relatively high stress levels tend to fail 
in tertiary creep portrayed in Fig2. It is evident 
that in the triaxial tests the deviatoric term of 
creep reveals its deleterious effect on the overall 
mechanical behaviour. 

End of primary
consolidation

(EOP)

Time at the end of
primary consolidation

1t i

e

ln(t)

(a)

Figure 1. Definition of the secondary compression coefficient 
 for an oedometer test. 
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Figure 2. Definition of creep stages for triaxial creep tests at 
different stress levels. 

The general creep theory based on overstress 
needs to account for instantaneous alterations of 

the volumetric and deviatoric creep components 
of strain. Thus, the overstress formulation em-
ployed herein has undertaken modification to al-
low for simultaneous evolution of both compo-
nents.  

The standard logarithm creep rate was se-
lected for the prediction of the volumetric creep 
component while the Singh & Mitchell expres-
sion [7] was employed to express the evolution 
of the deviatoric creep strain rate. 

The elastoplasticity-viscoplasticity theory 
however, requires the incremental form of the 
rate formulated in terms of stress and strain ra-
ther than stress and time. Since, all mechanical 
parameters already defined in conventional ela-
stoplasticity are described fully by the state of 
stress and strain characteristics it stands to rea-
soning that the time-dependent formulations 
should be defined in similar trend. The volume-
tric can be expressed as follows: 
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The secondary compression coefficient ,
void ratio e and reference time t0 are employed in 
the expression above. In the definition of the de-
viatoric creep strain rate above the shear stress 

level 
F

q
D

q
 is employed in the formation of 

another quantity 2 sinhB A D . Where 

, , ,A D m  are the Singh-Mitchell coefficients. 
Although the volumetric portion of creep is 

evident even in the elastic region, the deviatoric 
component takes place only at the plastic state. 
Thus, the viscous nucleus in the case of volume-
tric creep coincides with the isotropic axis, since 
the envelopes employed are oriented along the 



octahedral axis (Fig3). Conversely, the viscous 
nucleus associated with the deviatoric compo-
nent of creep is identical to the structure strength 
envelope (SSE). 

SSE
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CSL

Long term
CSL
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Figure 3. Characteristic surfaces of the proposed model. 

In order for expressions (1) and (2) to be em-
ployed in the elastoplasticity-viscoplasticity the 
creep strain rate components need to be rede-
fined in the generalized stress space. 

3 THE PROPOSED MODEL 

In this section, the author shall attempt to elabo-
rate on the bounding two-surface elastoplastic-
viscoelastoplastic formulation which incorpo-
rates the Critical State concepts into the Struc-
tured Soils behavioural framework (Fig3). As-
suming that the infinitesimal strain increments 
d  can be decomposed in an elastic ed  and an 
inelastic portion id , consisted of the plastic 

pd  and rheological components: 

i p te ed d d d d dt  (3) 

3.1 Characteristic Surfaces 

The proposed model adopts the Structure 
Strength Envelope (SSE) and one reference sur-
face corresponding to the Intrinsic Strength 
Envelope (ISE) [8, 9]. The ISE corresponds to 
the intrinsic soil properties denoted with a star 
symbol: 

2 2* * * * * *

2

1
:F

c
s s  (4) 

The size of the SSE denoted  is characteristic 
of the magnitude of the soil structure and is de-
scribed by an isotropic hardening rule. The SSE’s 
mathematical formulation is described below: 

2 2

2

1
:F

c
s s  (5) 

Where the stress tensor has been decomposed 
in the isotropic component denoted p  and 
the stress tensor deviator s . In this version of the 
model the Plastic Yield Envelope is assumed to 
coincide with the SSE.

In the general case an incrementally linear 
non-associative flow rule is employed for the 
computation of the plastic strains [8, 9]. 

3.2 Isotropic Hardening 

An isotropic hardening rule has been employed 
in the constitutive mathematical formulation as 
to control the size of the SSE:

* *1 p p

q q

id
e

A dd  (6) 

Thus, the size of the SSE is inextricably asso-
ciated to the intrinsic characteristic surface ISE.
It is evident that in the expression above there is 
no component for the volumetric component due 
to structure/strength degradation. The measured 
value of secondary compression coefficient 
comprises the net effect of the structure/strength 
degradation, due to volumetric plastic strain, and 
volumetric creep. In other words, the effect of 
volumetric plastic strain on the degradation of 
the SSE has already been incorporated in the de-
finition of the volumetric creep component. 

The parameter p
qA  employed is associated to 

the deviatoric creep strain modulus as follows:

expp p p p p

q q q q qA  (7) 

The constants , ,p p p
q q q

 comprise the para-
meters associated to the destructuring process [8, 



9]. Aiming to capture the rheological transforma-
tions undertaken in the tertiary creep process we 
initially attempted to capture the delayed failure 

through structure/strength degradation. However, 
keeping in mind that the deviatoric component of 
creep accumulates only once the plastic state has 

been achieved and the volumetric component 
continuously increases the size of the SSE it 

stands to reasoning that the state of stress returns 
to the elastic region with evolving time. 

In order to resolve the aforementioned issue 
and ultimately capture the failure in tertiary 
creep we employed the inclination of the critical 
state line (CSL) is the stress space denoted c in 
expression (5) as a hardening variable. The incli-
nation of the CSL is representative of rapid rates 
of induced strain. On the other hand, ageing is a 
rheological phenomenon evolving through time. 
In this end, the need to employ a limiting value 
of the CSL for quasi-static loading csc . Incre-
mentally the rate of inclination of the CSL transi-
tioning from rapid to long-term loading condi-
tions can be defined as: 

t
cs qc c c  (8) 

Instead of the creep strain to produce plastic 
stress we here state that considerable plastic de-
formation needs to take place for the soil to fail 
in tertiary creep. This can be justified by the fact 
that deviatoric creep strain can only be accumu-
lated once the plastic state has been achieved. 
Parameter  controls the tempo at which failure 
in tertiary creep is attained. Assuming that creep 
experimental data leading to tertiary failure are 
available parameter  can be calibrated via trial 
and error analyses. 

4 FINITE ELEMENT RESULTS 

In this section, results will be presented on tri-
axial drained specimens along with a bearing ca-
pacity problem of a 2m wide footing. Since creep 
is a time dependent phenomenon revealing its 
deleterious effects on shear strength after the 
consolidation equilibrium has been attained, it 

stands to reasoning that the results to be pre-
sented here below should assume drained rather 
than undrained boundary conditions. 

4.1 Triaxial Test Results 

In Fig4 the effect of structure is evident on shear 
strength. Regardless that the overall behaviour 
might portray significant alterations from the ela-
soplastic response predicted by the Modified 
Cam-Clay (MCC) the specimen tends to fail at 
the same level of shear stress. 
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Figure 4. Effect of structure on shear strength at drained tri-
axial specimens without creep. 
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Figure 5. Triaxial stress paths at drained conditions without 
creep. 

Although the Fig4 is informative in terms of 
shear strength it fails to provide a clear portrait 
of the stress paths. Fig5 provides a visual repre-
sentation of the triaxial stress path at drained 
conditions in the p-q space.  

Numerical analyses have been conducted for 
two different shear stress levels. In one case the 
specimen is stressed at a point lying above the 



quasi-static CSL. Assuming that the inclination 
of the CSL is allowed to evolve then eventually 
the specimen will fail in tertiary creep (Fig6).  
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Figure 6. Shear strength experienced at high levels of shear 
stress with creep. 

On the other hand, if the stress point lays un-
derneath the threshold of the short-term CSL
(Fig7) the specimen will not fail. 
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Figure 7. Shear strength experienced at low levels of shear 
stress with creep. 

It is evident that even for high levels of load-
ing the effect of structure degradation does not 
produce failure.  
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Figure 8. Axial strain as a function of time at high shear 
stress levels with creep. 

On the other hand, strength envelope degrada-
tion towards its residual state has revealed the 
deleterious effect on shear strength. Regardless 
whether structure/strength degradation is evident 
or not, the evolution of the SSE inclination tends 
to cause creep-induced failure. In Fig8 the axial 
strain is portrayed as a function of time.  

4.2 Bearing Capacity of Surface Foundations 

The bearing capacity of a 2m wide footing over-
laying a clayey deposit under drained conditions 
has been examined. The soil medium portrays a 
punching failure mechanism rather than distinct 
failure lines which become evident only at un-
drained conditions, as can be seen from Fig9.

(a) (b)

Figure 9. Displacement contour plots for (a) drained and (b) 
undrained boundary conditions without creep. 

The effect of structure and structure/strength 
degradation is evident on shear strength in Fig10.
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Figure 10. Effect of structure on shear strength at drained tri-
axial specimens without creep. 

For imposed displacement equal to the width 
of the footing the soil reaction is significantly 
less than the one obtained from an elastoplastic 
analysis without an ISE surface. 

Numerical analyses have been conducted for 
two different levels of imposed loading. The 
loads selected (0.5 & 1MN) appear to be no-
where near the bearing capacity. In Fig11 settle-
ment is given as a function of soil reaction for 
the case of P=0.5MN. 
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Figure 11. Soil reaction as a function of settlement, P=½ MN. 

On the other hand, once the level of imposed 
loading doubles in value the footing tends to fail 
in creep as can be seen in Fig12.
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Figure 12. Soil reaction as a function of settlement, P=1MN. 
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Figure 13. Settlement as a function of time, P=1MN. 

Even for high levels of loading the effect of 
structure/strength degradation does not produce 
failure. On the other hand, degradation of the 
strength envelope revealed the deleterious effect 
of creep on shear strength, as can be seen from 
Fig13.

5 CONCLUSIONS 

A new elastoplastic-viscoplastic constitutive 
model has been developed based on the concepts 
of bounding surface plasticity and critical state 
soil mechanics principles incorporated within the 
framework of the overstress theory. Although 
structure/strength degradation has been shown 
not to result in tertiary creep, delayed failure can 
be realized through degradation of the CSL in the 
stress space to a residual state. Model predictions 
tested in triaxial shearing mode revealed that the 
model can predict tertiary creep behaviour at 
high shear stress levels. The model is imple-
mented in the commercial F.E. Code ABAQUS 
and was further employed in the bearing capacity 
of a surface footing reproducing similar results. 
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ABSTRACT 

The numerical modeling of soil liquefaction induced by dynamic loading is a very complicated task. In this paper the validation, 
and verification of the UBC3D-PLM  model which is implemented in PLAXIS as a user defined soil model is presented. After a 
short introduction, the key features of the UBC3D-PLM are presented. New features implemented by the authors are highlighted. 
Namely, the Lode angle dependency of the plastic potential function, a soil densification rule for higher accuracy in the predicted 
pore pressure evolution, a second yield surface to ensure a smooth transition into the liquefied state and finally a post liquefac-
tion factor to model the post-liquefaction behaviour. The predicted behaviour of loose Syncrude sand under undrained triaxial 
loading and undrained simple shearing is presented and is compared with experimental data. The influence of the proposed fea-
tures is thoroughly discussed. The results from modeling various cyclic simple shear tests on Fraser Sand are also presented and 
compared with experimental data. It is concluded that the densification rule plays a major role for the liquefaction prediction and 
the model is able to predict with high accuracy the pore pressure evolution as shown in the experimental results. Finally, the pro-
posed model is validated in a finite element scheme. A dynamic centrifuge test is modeled with the dynamic module of PLAXIS 
2D and the results are compared with published experimental data. 

Keywords: Liquefaction, sands, constitutive  model, validation, verification 
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1. INTRODUCTION 

The UBC3D-PLM is a simple but powerful con-
stitutive model for liquefaction prediction. The 
use of numerical modelling techniques in earth-
quake engineering practice is a challenge which 
forms the framework for the development of 
simple but adequately accurate constitutive mod-
els for soil liquefaction. 

UBC stands for University British Columbia 
where the original 2D formulation derived by 
Puebla et al. [1] and Beaty et al. [2], 3D stands 
for the 3-dimensional extension which was de-

veloped and implemented by Tsegaye [3] as a 
User Defined Model in PLAXIS and PLM stands 
for Plaxis Liquefaction Model. 

The UBC3D-PLM model uses the Mohr-
Coulomb yield condition in a 3-D principal stress 
space. Moreover, a modified non-associated 
plastic potential function based on Drucker-
Prager criterion is used, in order to maintain the 
assumption of stress-strain coaxiality in the 
deviatoric plane for a stress path beginning from 
the isotropic line Tsegaye [3].  
 In the proposed reformulated version of 
UCB3D-PLM a correction is made in the equa-
tion of the plastic multiplier which governs the 
constitutive relationship between the stresses and 



strains and higher accuracy is succeeded during 
monotonic loading. Moreover, the plastic poten-
tial function is modified in order to account the 
Lode angle dependency, i.e., the modification of 
the slope of the Drucker-Prager equation due to 
the different loading stress paths. Furthermore, a 
soil densification rule is added to predict more 
realistic evolution of excess pore pressures dur-
ing cyclic loading. This allows the increase of 
the pore pressures with a decreasing rate during 
shearing. Finally, a post-liquefaction factor in-
troduced in order to model the soil stiffness dur-
ing the liquefied state. 
 The main characteristics of the model are pre-
sented in the following sections.  

2. KEY FEATURES OF THE UBC3D-PLM 

2.1 Yield surface 

The UBC3D-PLM model uses the well-known 
Mohr-Coulomb yield function generalized in 3-D 
principal stress space [1]. The formulation of the 
surface is give in Equation [1].  

  (1)                     

where:
max  and min are the maximum and minimum 

principal stresses respectively,
c  is the cohesion of the soil,

p  is the peak friction angle of the soil, 
m is the mobilized friction angle during harden-

ing.               

2.2 Elastic behaviour 

The elastic behaviour which occurs within the 
yield surface is governed by a stress dependent 
non-linear rule defined by Puebla et al. [1]. The 
bulk modulus (K) and the elastic shear modulus 
(G) are stress dependent and are given by the fol-
lowing equations: 

me

ref
A

e
B P
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                                       (3)                         

In these equations KB
e and KG

e are the bulk 
and the shear moduli numbers respectively, at a 
reference stress level. The factors me and ne are 
parameters to define the rate of stress dependen-
cy of stiffness. In the literature, the reference 
stress level (Pref) is commonly taken as the at-
mospheric pressure (PA=100 kPa). Pure elastic 
behaviour is predicted by the model during the 
unloading process. 

2.3 Elasto-plastic behaviour 

The reformulated UBC3D-PLM consists of two 
yield surfaces (primary and secondary) and its 
formulation is based on both isotropic and kine-
matic hardening. The hardening rule as intro-
duced by Puebla et al. [1] and implemented by 
Tsegaye [3] is presented by Equation [5]. 

(4) 

KG
p is the plastic shear modulus which is en-

tered as an input parameter, d is the plastic mul-
tiplier and Rf, is the failure ratio nf / nult, ranging 
from 0.5 to 1.0, based on the Duncan-Chang 
model. nf is the stress ratio q/p at and nult is the 
ultimate stress ratio.  

2.4 Plastic potential function 

A non-associated flow based on the Drucker-
Prager plastic potential function formulated in 3-
D space (Equation [8]). a is the slope of the 
Drucker-Prager surface and is computed as 
shown in Equation [7]. This slope is Lode angle 
dependent (  which is given in Equation [6]. 
The Lode angle dependency of the plastic poten-
tial function gives more accurate plastic strains 
for different stress paths. 
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                 (5) 

                                (6)                                        

                                (7)

 The influence of the Lode angle on the com-
puted slope of the Drucker-Prager surface is pre-
sented in Figure 1. The linear flow rule of the 
UBC3D-PLM (Section 2.5) is used in order to 
compute the mobilized dilatancy angle, starting 
with a mobilized friction angle equal to 0 and 
reaching a value which equals the sinus of the 
constant volume friction angle (sin cv).  The con-
stant volume friction angle for this arbitrary soil 
equals 33°. 
 It can be concluded that the influence of the 
stress path followed during loading, i.e., the 
Lode angle in the 3-D generalized space, can be 
significant, especially between the triaxial com-
pression path and triaxial extension path. 

Figure 1: Influence of the Lode ang
slope of the Drucker-Prager plastic potential. Comparisson of 
the different stress paths with triaxial compression (Black 
line). 

2.5 Flow rule 

In the UBC3D-PLM model the flow rule of the 
original UBCSAND model is used, which is de-

rived from energy considerations by Puebla et al. 
[1]. The flow rule in the model is based on the 
stress-dilatancy theory developed by Rowe [4], 
linearised and simplified according to energy 
considerations. The relationship is given as fol-
lows: 

                                           (8) 

                              (9) 

Where, d p
v is the plastic volumetric strain in-

crement and cv is the constant volume friction 
angle. 

2.6 Cyclic mobility and stress reversal 

Based on the mobilized friction angle an unload-
ing-reloading criterion is defined in the model as 
follows: 

(Unloading; elastic behaviour) 

(Loading or reloading; elasto-
plastic behaviour) 

Where, ( m
0) is the initial and ( m

e) is the cur-
rent mobilized friction angle. During unloading, 
pure elastic behaviour is predicted until the stress 
point reaches the p' axis.  
 A soil densification rule was introduced by the 
authors in order to have higher accuracy in the 
predicted evolution of the excess pore pressures 
following Beaty et al. [5]. A secondary yield sur-
face was also introduced in the model for the 
secondary loading in order to ensure a smooth 
transition into the liquefied state of the soil. 
 The secondary yield surface generates less 
plastic strains compared to the primary yield sur-
face. An isotropic hardening rule is used for the 
primary yield surface, while a simplified 
kimematic hardening rule is used for the second-
ary surface.  
 The plastic shear number KG

p during primary 
loading is identical with the one entered as input 
parameter.  However, during secondary loading it 
increases as a function of the number of cycles in 
order to capture the effect of soil densification 
(Equation 11).  This leads to an increase of the 
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excess pore pressure during undrained cyclic 
loading until the liquefied state is approached. 
The rate of generation of excess pore pressure 
decreases by increasing number of cycles. 

   (10) 

Where, ncross is the number of times that the 
stress path touches the p' axis from the beginning 
of the test, hard is a factor to correct the densifi-
cation rule for loose soils [6] and fachard is a mul-
tiplier which is a user input parameter for cali-
bration.  
 The densification rule is fully valid for sym-
metric loading cycles, i.e., for the case that shear-
ing starts from the isotropic stress state. 

Finally, a post-liquefaction factor is intro-
duced which controls the plastic shear number 
KG

p when the soil is in the liquefied state (Equa-
tion [12]). If it is less than one the post-
liquefaction behaviour of the soil is approxi-
mated.  

                 (11)

3. VALIDATION OF THE UBC3D-PLM IN 
ELEMENT TESTS 

3.1 Validation of the UBC3D-PLM  in 
monotonic loading 

Table 1.UBC3D input parameters for all the validation tests. 

Parameter Syncrude S. 
(TxC, DSS) 

Fraser S. 
(Cyclic DSS) 

 Centri-
fuge 

p (°) 33.7 33.8 34 
cv (°) 33 33 31 

KB
e

KG
e 

KG
p (TxC) 

KG
p (DSS)

me=ne 
np 
Rf
N160
fachard
facpost

300 
300 
310 
98.3 
0.5 
0.5 
0.95 
8 
1 
0 

607 
867 
- 
266 
0.5 
0.4 
0.81 
8 
1 
0.6 

721 
1031 
- 
700 
0.5 
0.4 
0.74 
14 
0.7 
0 

The validation of the UBC3D-PLM in monotonic 
loading is presented in this section. The behav-
iour of loose Syncrude sand is modelled with 
UBC3D-PLM and the numerical results are 
compared with experimental data as well as nu-
merical results (original UBCSAND) both pub-
lished by Puebla et al. [1]. 

The input parameters for modelling the un-
drained triaxial test (TxC) and the undrained di-
rect simple shear test (DSS) on loose Syncrude 
sand are given in Table 1. The results are pre-
sented in Figures 2 and 3. The results of the 
UBC3D-PLM are in a good agreement with the 
experimental and numerical results of the origi-
nal UBCSAND as published by Puebla et al. [1].   

Figure 2  Numerical modeling of loose Syncrude sand under 
undrained  triaxial compression.   

Figure 3  Numerical modeling of loose Syncrude sand under 
undrained simple shearing (DSS). Prediction of the excess 
pore pressure evolution with the UBC3D-PLM (dashed line) 
and comparison both with the 2D UBCSAND and experi-
mental data. 

hard
crossp

G
p

G



3.2 Validation of the UBC3D-PLM  in cyclic 
loading 

The behaviour of loose Fraser sand under un-
drained cyclic direct simple shear (DSS) is mod-
eled and the numerical results are compared with 
experimental data as published by 
Sriskandakumar [6]. The relative density (RD) of 
the tested sand is 40%. 

Figure 4 Evolution of excess pore pressures during undrained 
simple shearing (DSS) on Fraser sand (RD=40%). CSR=0.08. 

v =100 kPa.  

Figure 5 Evolution of excess pore pressures during undrained 
simple shearing (DSS) on Fraser sand (RD=40%). CSR=0.1. 

v =100 kPa. 

In Figures 4, 5 and 6 the evolution of excess 
pore pressure in three stress controlled DSS tests 
are presented. The applied Cyclic Shear Stress 
ratio (CSR) equals 0.08, 0.1 and 0.12 respective-
ly. The vertical applied stress is 100 kPa in all 
cases. The earth pressure coefficient, K0, factor is 
assumed to be 1 for simplification. 

Even though modeling the onset of liquefac-
tion in the framework of classical plasticity is 
very complicated, the UBC3D-PLM constitutive 
model is in close agreement with the experi-
mental results.  The densification rule added in 
this formulation decreases the rate that the excess 
pore pressures are developing after the first full 
cycle. This mechanism gives higher accuracy. 

In Figure 7 the influence of the post liquefac-
tion factor  facpost can be seen.  By setting this 
factor to 0.6 the maximum shear strain is more 
realistic for sands being in liquefied state. 

Figure 6 Evolution of excess pore pressures during undrained 
simple shearing (DSS) on Fraser sand (RD=40%). CSR=0.12. 

v =100 kPa. 

Figure 7 Evolution of shear strains during undrained simple 
shearing (DSS) Fraser sand (RD=40%). CSR=0.1. v =100 
kPa. 



4. VALIDATION OF THE UBC3D-PLM IN 
A FINITE ELEMENT SCHEME 

A dynamic centrifuge is modeled with PLAXIS 
2D dynamics in order to validate the UBC3D-
PLM in a boundary value problem. The numeri-
cal results are compared with the experimental 
results published by Byrne et al. [7].  

The depth of the sand in the model is 38.1 m 
on prototype scale. The width does not have a 
major influence in numerical modeling and a 1D 
soil response is predicted. The total time of the 
input acceleration is 33 seconds. 50 loading cy-
cles are modeled with constant amplitude of ac-
celeration equal to 1.96 m/s2. 

The results of the predicted evolution of ex-
cess pore pressure are presented in Figure 9. At 
13.1 meters depth the numerical prediction is in a 
close agreement with the experimental result. 
The model can predict the onset of liquefaction 
with adequate accuracy for this depth. However, 
in the two higher depths, i.e., at 24.8 and 30.8 
meters, the model shows inaccuracy during the 
first loading cycles. However, the onset of lique-
faction can be modeled with an adequate accura-
cy.  

It is concluded from this research that the ab-
sence of a stress densification feature in the 
model leads to a rapid evolution of the pore pres-
sures in the first loading cycles. The effective 
confining pressure does not influence the behav-
iour of the current model. Moreover, the K0 fac-
tor is assumed 0.5 in this test. This leads to inac-
curacy of the densification rule, which is fully 
valid for stress paths starting from the isotropic 
line. 

5. CONCLUSSIONS 

The formulation of the UBC3D-PLM as well as 
the new features implemented by the authors is 
presented in this paper. The model is a simple 
but powerful in modeling the onset of liquefac-
tion in sands. It is concluded that after the im-
provements presented in this paper the model can 
predict with adequate accuracy the onset of liq-
uefaction. Finally, the aspect of stress densifica-
tion as well as the anisotropic consolidation 

(K0 1) should be further investigated for a future 
reformulation 

Figure 8 Comparison of the predicted evolution of excess 
pore pressure by the UBC3D with the experimental results 
published by Byrne et al. [6]. 
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Concerning the Vibrocreep Issue 
V.A. Aleksandrovych

KNAME, 12 Revolutsia st., Kharkiv, Ukraine

ABSTRACT 

Weak decaying settlement of foundations under dynamic load has been analyzed in the paper. Dynamic loads imposed on foun-
dations cause uneven foundations settlement of adjacent building and structures and cause their damage. Uneven foundation set-
tlements of adjacent machines involved in the same technological process cause its disfunction. The deformation of basement
soil under dynamic loads has been referred to as soil vibrocreep. The existing theories concerning soil vibrocreep have been re-
viewed in the paper presented. Two main approaches are known: the first is based on the energy balance equation, while the se-
cond on the hereditary creep theory. The approximate convergence of experimental and theoretical data, obtained by means of
hereditary creep theory, has been found out. The technique of forecasting machinery foundations settlement has been described. 
The laboratory facility and the computer software have been developed to implement it. The conclusions have been confirmed 
by the results of the researches conducted and the technique reliability have been suggested. 

Keywords: vibrocreep, soil, foundation. 

1 THE ANALYSIS OF FOUNDATIONS 
SETTLEMENT UNDER DYNAMIC 
LOADS 

The dynamic loads caused by machinery 
operation can lead to weak decaying machinery 
foundations settlements which can often be quite 
substantial and uneven. 

According to N.M. Gersevanov, under static 
loads three phases of foundation soil should be 
distinguished: soil consolidating, initial shears 
developing and damaging. The available obser-
vational and experimental data obtained while 
facilities were being subjected to dynamic loads 
indicate that similar three phases could be moni-

tored when foundation is under both static and 
dynamic loads [1]. 

The fact is known when the dynamic load 
caused by a hammer foundation led to the de-
struction of a three-floored building meant for 
the forge shop amenity rooms. The vibration am-
plitude amounted to 1mm, while vibration fre-
quency was15Hz. The building damaged was lo-
cated on the distance of 6m from the hammer 
foundation and it had a strip rubble concrete 
foundation exerting the pressure of 0.2MPa to 
the soil. The foundation bed was composed of 
water-saturated fine sand. Obviously, the build-
ing collapsed because its foundation was exposed 
to different dynamic pressure at different founda-
tion points. Therefore, significant uneven 



settlements were formed, at first damaging the 
foundation and then the walls of the whole 
building. The frame of the forging workshop 
building was damaged as well. Uneven footings 
settlements under the columns located at 
different distances from the dynamic load source 
caused damaging the node points of the building 
frame and induced big cracks in walls.  

There have been known some accidents with 
turbounits precast foundations with beds 
composed of medium and fine water-saturated 
sand. The character turbounits foundations 
settlement before lounching them into operation 
did not differ from the foundations settlement of 
other constructions built on the same site. After 
the turbounits had been put into operation 
significant uneven foundation settlements of 
turbounits, mills and neighbouring workshop 
columns arised and led to shaftings 
misalignment. The turbounite vibration 
amplitude did not exceed 8 m. The vibration 
effect on water-saturated sands became the origin 
of uneven settlements. It is significant that when 
turbounits and mills were  out of operation 
during repairing work, settling process was not 
observed. 

Machinery vibration effect can even cause the 
pile foundations settlement. Uneven settlement 
of  turbounits and condensation rooms platform 
pillars foundations  can be considered as another 
example. Fine-graned water-saturated sand of 
average density is the foundation bed. The 
turbounits vibration amplitude does not exceed 
5 m while the platform foundations one is up to 
3.5 m. 

The uneven foundation settlement was 
observed in the accident at the ore beneficiation 
workshop where many ore grinding mills and 
breaking machines exposed significant dynamic 
loads to the ground base were installed. The fine 
and medium sand of average density with the 
deformation modulus of E=23Mpa was the 
foundation bed.  The static pressure on the 
foundations bed was 0.4MPa. The maximum 
calculated settlement under the indicated static 
pressure must not exceed 60mm. But it has 
already reached the value of 300mm and the 
process is still progressing. The columns 

vibration amplitudes measured did not exceed 
20 m at frequency 5-7Hz. 

The observational data are available as to the 
settlements on the areas occupied by several 
dozens of city buldings which average annual 
settlement has increased several times over the 
last 100 years as the vibration background 
caused by city transport has been increasing. It is 
proved by the fact that the average annual 
settlement affected the buildings located in 30m 
radius from the traffic axis and has never been 
observed in other places.  

Therefore, in most cases the lasting 
foundation settlements being the result of 
dynamic loads occur where the foundation beds 
are fine and pulverescent water-saturated sand 
and are not observed on the clays beds. 

2 THEORETICAL BACKGROUNDS TO 
FORECAST FOUNDATION 
SETTLEMENT UNDER DYNAMIC 
LOADS  

Until the present time there have been used 
two basic approaches (described in [2] and [3]) 
to the explanation of the origin of weak decaying 
foundation settlement under the dynamic loads. 
The phenomenon foundation settlement under 
the dynamic loads has been named soil 
vibrocreep. Both approaches are based on the 
principle of superposition, which implies that the 
resulting settlement value is the sumation of the 
settlement under the static load  Sst and the 
vibrocreep settlement S(t). 

)(tSSS st                                                    (1) 
The approach presented in paper [2] was 

based on the balance equation of the vibration 
exciter energy and the energy absorbed by the 
foundation bed. The finite equation reflecting the 
settlement progressing with time was as follows: 

5,0)()( DttS ,                                                  (2)             
where D is the vibrocreep coefficient. 

The approach described in paper [3] is consid-
ered to be the first attempt to apply the hereditary 
creep theory to estimate the additional settlement 
resulted from vibrocreep. In this case the equa-



tion reflecting the settlement progressing with 
time can be presented in the following way: 

tStS st)( ,                                                (3) 

where  and  are some coefficients. 
Abel kernel application built in this approach 

as a creep kernel the approach also results in the 
exponential increase of the settlement with time 
as well as in the first approach. As Sst,  and  - 
are constants we obtain the expression similar to 
(2), with the only difference that the exponent  
is not assigned initially (0.5 in the first approach) 
but determined as other coefficients. 

Nevertheless, as the experiments conducted 
proved, the description of vibrocreep settlement 
progress with time by exponential law is not al-
ways reliable. 

3 EXPERIMENTAL RESEARCH OF 
VIBROCREEP 

Both approaches mentioned above imply the 
vibrostamp experimental tests in compliance 
with the technique specified in [4]. Tests can be 
performed by either of the schemes in accord-
ance with the technique.  

In the first scheme after the vibrostamp has 
subjected to the static load, and some settlement 
stabilization Sst has been achieved, the vibro 
stamp is subjected to the dynamic load. In the se-
cond scheme the vibrostamp is subjected to dif-
ferent stepwise changing static loads under the 
constant vibration amplitude. The duration of 
static phases is determined by current standards 
while the duration of dynamic ones by the rela-
tive stabilization achievement under the settle-
ment rate of 0.02mm/h over the period of 4-8hrs. 

 A large-scale container was constructed at 
Kharkiv National Academy of Municipal Econ-
omy to conduct the tests and vibrostamp installa-
tion was designed on its basis for the laboratory 
testing (fig. 1). 

Fig.1 Facility overview 

The container measured 1.8x1.8x1.8m is 
equipped with a telpher to provide easier installa-
tion assembly. The container design allows soil 
water saturation or draining if necessary, as well 
as the watermark monitoring.  

The vibrostamp (fig. 2) is a three-dimensional 
frame with the vibrator mounted on its bottom 
plate. The stamp measured 200x400mm is rigid-
ly attached underneath. The hydraulic jack, 
mounted on the vibrostamp upper plate, abutting 
against the thrust beam, creates the required stat-
ic pressure the stamp is subjected to. The upper 
and bottom plates are jointed with posts with   
spiral springs in the top parts to provide vibro in-
sulation. 

Fig.2 Vibrostamp 

The stamp settlement is estimated by two 
deflectometers 6-PAO  rigidly mounted on the 
benchmark container.  

The vibrostamp vibration frequency and am-
plitude are assigned by the vibrator rotary speed 
regulation  and the parameters of unbalance  at-



tached to its shaft, and controlled by the vibra-
tion measuring equipment consisting of D21A  
mechanical motion transducer, VIP-2   
vibrometer, and Oscill  digital oscillograph. 
The deflectometer readings as well as the vibra-
tion parameters obtained by means of vibro 
measuring equipment are displayed on a PC 
screen.  

The experiment operator sets the vibration pa-
rameters, controls their constancy and logs the 
data obtained for further processing. 

According to our experimental research, the 
settlement progressing with time can be observed 
as follows: 

1)  at the initial stage the character of settling 
process is approximated by the exponential func-
tion, that is conformed to the conclusions made 
in papers [2] and [3]; 

2) when the testing period exceeds the indica-
tor t>24-30hrs, the settlement progress becomes 
of the explicit logarithmical character, that is 
well conformed to fundamental paper conclu-
sions [5] (if the experiment is conducted under 
the constant static pressure Pst, the vibration am-
plitude a and harmonic vibration frequency  f). 

Taking into consideration the facts mentioned 
above, Graph  software was developed to ana-
lyze the settlement vibrocreep progressing by 
time on the basis of the experimental data ob-
tained. Graph  allows to define and to take into 
account all settling process peculiarities men-
tioned above, and to specify the final dynamic 
stage at which the vibration parameters cause 
sustained settling. 
The basic tasks of the analysis are as follows: 

- to log the experiment results; 
- to construct the curve of settlement pro-

gress with time; 
- to distinguish separate stages of  settlement  

process; 
- to determine the optimal approximation 

function for each settlement stage; 
- to determine the approximation function 

parameters at the specified stage; 
- to construct  the approximation curve for 

each stage; 
- to forecast the settlement at specified time 

span; 

- to prepare the final report on the results of 
the experiment conducted. 

The experimental results with the following 
initial data are given below as an example of the 
experiment and further log data processing: 

- soil conditions: medium sand, the density 
=1.96t/m3, the skeleton density d=1.62t/m3, 

moisture w=0.21, the voids ratio e=0.64, the an-
gle of internal friction =330, the relative cohe-
sion =3kPa ; the deformation modulus 
E=38MPa. 

- the static pressure Pst=0.25MPa; 
- the vibration frequency f=10Hz. 
The aim of the test is to forecast the machin-

ery settlement while it is in operation on the giv-
en basement soil under the indicated vibration 
parameters. 

The tasks: 
- to determine the vibration amplitude which 

causes the sustained settling; 
- to derivate the equation of  settling pro-

gress with time for the experiment phases ampli-
tudes; 

- to forecast the settlement in the specified 
time span. 

The experiment was conducted in accordance 
with using the first test scheme [4]. The data ob-
tained were fixed in the program log (fig. 3).  
The curve of settling progress with time (fig. 4) 
has been constructed according to the log data 
and the equations reflecting the process at each 
stage have been derived. 

Fig.3 Fragment of the experiment log. 



Fig. 4 The curve of settlement progress with 
time: 
           static phase; 
           dynamic phase,  =5 m;  
           dynamic phase,  =10 m; 
           dynamic phase,  =15 m; 
           experimental data; 
           approximating curve. 

The following equations describing settling 
process have been derived: 
1.  =5 m 

S = 1.58 t 0.08 + 1.44, t < 23.25                  (4) 
S = 0.15 ln(t)  + 1.58, t  23.25 

The approximation reliability R2=0.990 
2.  =10 m 

S = 4.08 t 0.18 + 2.16, t < 15.97                  (5) 
S = 0.97 ln(t)  + 3.96, t  15.97 

The approximation reliability R2=0.995 
3.  =15 m 

S = 0.77 t + 8.48                                        (6) 
The approximation reliability R2=0,986 

At the third dynamic stage (  =15 m) the pro-
gram derived the approximation equation as a 
straight-line equation (6), that indicates that un-
der the given parameters the settling progressing 
under constant speed, i.e. becomes sustained. 
Therefore, if the machinery under investigation 
generates the forced vibrations with the ampli-
tude a<15 m while in operation, the program 
will forecast the settlement in the specified time 
span (considering the settlement from static 
load). The forecasted settlement value is com-
pared with the maximum allowed value indicated 
in the foundation design requirements specifica-
tion for the given machinery. But if the ampli-
tude a 15 m, the foundation bearing surface 

should be increased (decreasing Pst) and the tests 
should be replicated. 

CONCLUSIONS 

The examples of the buildings and structures 
damaged, mentioned in the first chapter, as well 
as the machinery dysfunction have proved the 
importance of the issue under consideration. 

The research conducted has confirmed the 
possibility of applying the hereditary creep theo-
ry to determine the vibrocreep settlement value 
with some amendments compared to the previous 
scientific studies. These amendments have been 
implemented due to the development of the 
laboratory facility and the Graph  program 
which have been designed to forecast the 
vibrocreep settlement value for a long-term peri-
od on the basis of the comparatively short- term 
data obtained in the vibrostamp tests conducted. 

Long-duration (t>100hrs) tests, with data ap-
proximation reliability R2=0.98-0.99 confirms 
the reliability of the technique developed. 
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A simple numerical method to study buckling of 
flexible piles embedded in a multi-layered soil 

Fahd Cuira1

TERRASOL 

ABSTRACT 

A numerical method has been implemented for the buckling analysis of flexible piles, allowing direct computation of the critical
buckling load of any pile with known rigidity and shape, embedded in a multilayered soil. The method consists of coupling beam
finite elements for the pile with a heterogeneous distribution of continuous springs for soil. This enables to write the 2nd order
static equilibrium of the pile as a simple matrix system whose eigenvalues are the critical buckling loads, and eigenvectors are 
the characteristic buckling mechanisms. Results illustrate how the critical buckling load is significantly increased by introducing 
lateral soil reaction. It is also shown that a pure buckling analysis has practically no impact on flexible piles design even in very 
poor soil conditions. Moreover, the method enables easily to compute 2nd order amplification of displacements and bending forc-
es. Thus, a complete buckling analysis shows that for a pile with an initial deflection, 2nd order effects lead rigorously to a bend-
ing failure long before reaching the theoretical value of the critical buckling load. 

Keywords: buckling, 2nd order effects, flexible piles, numerical modeling, geotechnical tools, soil-pile interaction 
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1 INTRODUCTION 

The design of deep foundation requires studying 
several failures mechanisms: bearing capacity, 
lateral reaction, bending moments  For the case 
of a flexible pile axially loaded such as 
mini/micro-piles or long inclusions, an other 
mechanism may be considered: failure by buck-
ling. Geotechnical engineers know that except 
the case of a form flaw, the buckling analysis has 
generally no significant impact on the design of 
an embedded pile even in very poor soil condi-
tions. Nevertheless, we have to prove it by 
checking the critical buckling load taking into 
account lateral soil reaction. Moreover, when the 
computing of critical buckling load becomes 

possible by analytical approaches for some sim-
ple cases or by performing numerical processing 
in large displacement, it remains necessary to 
consider the 2nd order effect related to a possible 
initial form flaw or to a first lateral loading (ser-
vice or parasitic...). The 2nd order effects could 
be in some case very penalizing even for a load-
ing level much lower than the one of critical 
buckling load. 

2 REFERENCE TO SOME EXISTING 
APPROACHES 

Several analytical solutions are proposed in ex-
isting bibliography with regard to pile buckling. 
All are based on the Winkler model: the pile is 



simulated by an elastic beam model and soil is 
introduced by means of a constant or depth-
dependant reaction modulus. We can cite the 
works of Mandel [1] and Hetenyi [2], regarding 
piles embedded in homogeneous soil profile; 
Davission [3], assuming a soil modulus linearly 
increasing with depth, and Souche [4], consider-
ing a partially embedded pile. All of the solu-
tions above are given in graphical form due to 
the complexity of the analytical expressions 
which are used to calculate the critical load. 
Even though those solutions are well adapted to 
simple configurations, they are proved inefficient 
when applied to cases of multi-layered stratum 
and pile geometry imperfections. Furthermore, 
no indication on pre-buckling behavior (evolu-
tion of bending forces due to 2nd order effects) is 
given when using these methods. Analysis of 
such phenomena demands generally an updated 
mesh numerical modeling considering large de-
flection theories, which are not always adapted to 
practical geotechnical applications. 

3 PILE UNDER LATERAL LOADING 

3.1 Bending behavior of an isolated pile 

Consider the case of an isolated flexible pile em-
bedded in a multilayered soil and laterally loaded 
by forces, either imparted at its head or at any 
point along the shaft. The bending behavior of 
the pile can be approached by a simple beams 
model according to the general equation below: 

4

4
d yEI q x r x
dx

 (1) 

Where:  
x :  local co-ordinate along the pile 
y(x): lateral displacement of the pile 
EI:  bending stiffness of the pile 
r(x):  lateral soil reaction 
q(x): density of lateral loading on the pile 
(other than the lateral soil reaction) 

Solving the equation (1) can be based on a 
simple finite element formulation, using, for ex-
ample, beam elements with two nodes and four 
degrees of freedom (Kirchhoff model, [5]). Thus, 
the equation (1) can be written as an equivalent 
matrix system:  

.e ext sK y F R  (2) 

Where 
Ke : pile stiffness matrix  
Fext : lateral loading vector 
Rs : soil reaction vector 
y :  equivalent displacement vector consist-
ing of the displacement and the rotation at 
each node. 

3.2 Modeling of soil reaction 

The soil response can be simulated basing on a 
distribution of elastoplastic springs. Thus, as 
shown in the figure 1, springs behavior can be 
characterized by a bi-linear reaction curve relat-
ing the lateral displacement of the pile to soil re-
action.  

Ks (reaction modulus)

ru

r (soil reaction) 

Ultimate reaction

y (lateral displacement)

Figure 1 : Typical soil reaction curve 

Theoretically [6], the reaction modulus denot-
ed “Ks” (expressed in kN/m²) can be directly re-
lated to the soil shear modules G by the relation: 
Ks ~ 4 x G.  French practice consists in estimat-
ing the value of Ks and the ultimate reaction “ru” 
(expressed in kN/m) by correlation with 
Pressumeter test results. 



Using the matrix formulation presented previ-
ously, the soil reaction vector can be written as 
follows: 

.s s eR K y C  (3) 

Where, 
Ks: soil stiffness matrix corresponding to the 
“elastic” part of the reaction curve 
Ce: plastic reaction vector corresponding t o 
the “plastic” part of the reaction curve  

3.3 Solution 

Combining equations (2) and (3) leads to the fol-
lowing global matrix system, to be completed by 
boundary conditions: 

.s e ext eK K y F C  (4) 

Given the elastoplastic behavior of soil re-
sponse, the resolution of the system above re-
quires an iterative analysis where Ks and Ce are 
evolving until convergence. 

4 CALCULATION OF CRITICAL 
BUCKLING LOADS 

4.1 Generalities 

The buckling failure is an elastic instability form 
which results in generation of a non-zero deflec-
tion under axial loading (figure 2).  

This phenomenon occurs for definite values of 
the axial load called critical buckling loads. Each 
of these load values is related to a specific buck-
ling mechanism. Generally, a buckling analysis 
consists of estimating the lowest value of critical 
buckling loads, and checking that it remains 
larger than the service axial load, with sufficient 
safety. 

q(x)

x

Flambement :
F = F(i), q(x) = 0 et y(x) 0

Charges critiques
de flambement

y(x)

F

Critical buckling
loads

Figure 2 : Definition of the buckling phenomenon 

Actually, there is an obvious analogy between 
buckling as an elastic instability form and the 
“resonance” phenomenon as a dynamic instabil-
ity form which occurs for definite values of the 
loading frequency (Eigen frequencies). The pre-
sented approach here is based on this analogy 
and allows evaluating critical buckling loads by 
applying the eigenvalues method to the matrix 
formulation obtained previously. 

4.2 Governing equations 

Consider the case of a flexible pile under an axial 
load “F”. No lateral loading is applied to the pile. 
The axial force is assumed to be constant along 
the pile: we neglect dissipation of axial loading 
by lateral friction, which constitutes a pessimistic 
assumption. Thus, the 2nd order equilibrium of 
the pile can be written as follows: 

4 2

4 2
d y d yEI F q x r x
dx dx

 (5) 

Applying the matrix formulation presented 
previously (§3.3), the equation (5) can be ex-
pressed in an equivalent matrix system: 

. . .Fs eK K y M y  (6) 



Where “M” represents a “transfer” matrix re-
lated to the 2nd order effects. The other terms are 
those already introduced in equation (4).  

By definition, F is a critical buckling load if 
and only if the equation 6 (and consequently, the 
equation 5) admits a non-zero solution y. Math-
ematically, this means that F is an eigenvalue of 
the matrix system (6). Thus, seeking out eigen-
values and eigenvectors of this matrix system 
leads respectively to the critical buckling loads 
and the corresponding failure mechanisms. 

4.3 Practical application 

To apply the presented method, we have to de-
fine, in addition to possible boundary conditions, 
the bending stiffness of the pile and the soil reac-
tion curve for each model layer. The method has 
been implemented as a numerical program which 
sets up the matrix system and computes its ei-
genvalues and eigenvectors. In particular, the 
lowest eigenvalue is not other than the critical 
buckling load to be used for the buckling analy-
sis. 

The following figures (3) and (4) show the 
case of a micro-pile embedded in a multilayered 
soil (five layers). Three situations are considered 
depending on the value of the shear modulus as-
sumed for the soft clay soil: G = 0 MPa (no lat-
eral reaction in this layer), G ~ 0,5 MPa and G ~ 
1 MPa. This condition has a significant effect on 
the potential buckling mechanism and therefore 
on the value of critical buckling load Fcr : we 
have respectively Fcr = 850, 3400 and 4600 kN 
for the three studied situations.  

Results illustrate how the critical buckling 
load is significantly increased by introducing lat-
eral soil reaction. In practice, a pure buckling 
analysis has no impact on flexible pile design 
even in very poor soil conditions. 

Note that for simple cases where usual ana-
lytical approach can be used, as the case of piles 
embedded in a homogenous soil [1]or the case of 
piles partially embedded [4], the developed 
method leads exactly to the same results. 

Embankment

Soft clay

1,50 m

5,50 m

5,50 m

2,50 m

3,00 m

G = 5,5 MPa
qu = 0,9 MPa

Medium 
dense 
Sand

G = 6 MPa
qu = 0,8 MPa

Soft clay

Dense 
sand

G = 14 MPa
qu = 2,5 MPa

Micropile
EI = 1000 kNm²

drilling = 25 cm

Perfect
clamping

Figure 3 : Practical application, calculation of critical 
buckling loads. 
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5 PILE WITH INITIAL DEFLECTION 

5.1 Governing equations 

Consider now the case of a flexible pile with an 
initial deflection denoted “y0”, which may be 
representative, either of a first lateral loading or 
of a form flaw. Then, as shown in the figure 5, 
the pile is subject to the application of an axial 
force F, leading, by 2nd order effect, to an addi-
tional deflection denoted “y”. 

F

x

y0 y

Amplified deflection
(initial + 2nd order)

Initial deflection
(first lateral loading

or form flaw)

Figure 5 : Consideration of 2nd order effects  

In these conditions, the 2nd order equilibrium 
of the pile can be written as follows: 

4

04
². 0
²

d y dEI Ks y F y y
dxdx

 (7) 

Basing on the matrix formulation presented 
previously, the equation (7) can be put in a ho-
mogeneous matrix form:  

0. . .Fs eK K y M y y  (8) 

In the case there is no initial deflection (y0 = 
0), we have: 

. . .Fs eK K y M y  (9) 

Which is exactly the same system (6), whose 
eigenvalues are the buckling loads F(i), and its ei-
genvectors are the related buckling mechanisms 
y(i) : 

( ) ( ) ( ). . .i i iFs eK K y M y  (10) 

The matrix forming the system (10) are sym-
metric and positive-definite. Then, the eigenvec-
tors of this system constitute an orthogonal basis. 
In particular, y and y0 can be written as a linear 
combination of those vectors: 

( ) ( )( ) ( )
0 0

1 1

n n
i ii i

i i
y y y y  (11) 

By projecting and substituting in (8), we ob-
tain: 

( )
( ) ( )( ) ( )

0 0 ( )
1

in
i ii i

i
i

F
F F

y y y  (12) 

Where “y+y0” constitutes the amplified dis-
placement and (i) are the apparent amplification 
factors due to 2nd order effects. Note that when F 
tends to one of critical buckling loads F(i), corre-
sponding amplification factor (i) tends to infini-
ty. This means that 2nd order effects lead to bend-
ing failure long before reaching the critical 
buckling load [7]. Moreover, notice that the pre-
sented approach is comparable to the modal 
analysis which consists in evaluating forced dy-
namic response by projecting onto eigen modes. 

5.2 Practical application 

The following figure illustrates the case of a 
mini-pile (  < 60 cm) embedded in a three-layer 
soil. The initial deflection of the pile corresponds 
to a first lateral loading T0 applied to its head. 
The pile is also subject to the application of an 



axial force F which does not exceed the buckling 
critical load. Basing on the presented method, we 
can estimate displacements and bending mo-
ments taking into account 2nd order effects (fig-
ure 7). 

Soft clay10 m

3 m

5 m

G = 1,2 MPa
qu = 0,4 MPa

Silty
sand

G = 2,8 MPa
qu = 0,6 MPa

Marl
G = 12 MPa
qu = 4 MPa

Mini-pile
EI = 10 MNm²

forage <  60 cm

F
T0

Figure 6 : Practical application – 2nd order effects 

Figure 7 : Amplified bending moments due to 2nd order 
effects 

Results show that when axial load varies from 
20 to 80% of the lowest critical buckling load 
Fcr, bending moments are amplified from 1,5 to 
6 times in comparison to the first order value. In 
particular, for F = 0,6 Fcr, the amplification fac-
tor is about 2,80. 

This example is representative of situations 
where 2nd order effects may lead easily to bend-
ing failure for a loading level well below the one 
of the critical load. 

Notice that the same results can be obtained 
by a complete numerical simulation in large de-
flection basing for example on a “step by step” 
routine. However, the computation time will be 
very much larger. 

6 CONCLUSION 

The presented method has been implemented as 
a calculation tool called “Piecoef+”, which 
proves effective in numerous design projects of 
deep foundations such as flexible inclusions, 
mini-pile, micro-pile... and where the buckling 
problematic had to be considered. The method 
avoids simplification related to the usual analyti-
cal solution and gives a rigorous estimation of 
the critical buckling load for complex configura-
tions. It also allows evaluating easily the 2nd or-
der effects for the case of a flexible pile with a 
form flaw or which is subject to a first lateral 
loading. 
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ABSTRACT

Jet grouting is a method of grouting that uses very high pressure streams and cement suspensions. The diameter of a jet grouting 
column depends on a series of factors, such as the soil and suspension properties as well as the processing parameters. The pur-
pose of this paper is to outline an innovative way of modeling the jet grouting process using the Smoothed Particle Hydrodynam-
ics (SPH) on the example of a fluid jet penetrating into sand. The SPH is a meshless particle method that has not only been es-
tablished for physical and hydrodynamic modeling during the last few decades but has also proven to have a great potential in
handling soil behavior. The results are supposed to provide information about the diameter of jet grouting columns, its relation to 
the soil and construction properties and also contribute to the economic feasibility and the quality control of the jet grouting 
technique.

Keywords: jet grouting, numerical analysis, smoothed particle hydrodynamics, soil-fluid interaction

1 INTRODUCTION

Jet grouting is a method for ground improvement 
and stabilization. It has been well known since 
the 1970’s, when it was originally applied in Ita-
ly, Japan and the UK. The method uses very high 
pressure streams of up to 600 bar in order to 
break up and cement the ground. It also applies a
rotating drill with small nozzles (e.g. 2mm) in 
order to reach the required depth. As the drill ro-
tates and raises, columns or sections of columns 
are formed in the underground. 

Quality management and control can be an is-
sue during the construction of jet grouting col-
umns. Deviations in their position and size might 

occur, so that trial columns are normally required 
prior to the actual construction. There are also 
very few reference values considering the impact 
of soil and construction properties on the ex-
panse of the cement suspension in the ground,
that are actually applicable. Numerical analysis 
using conventional mesh methods such as FEM 
and FVM has not been successful so far, mainly 
due to the high pressure, turbulence and blending 
of different phases, that occur in the process of 
jet grouting.

This paper describes an innovative way of 
numerical analysis of soil-fluid interaction, using 
a meshfree method, called smoothed particle hy-



drodynamics (SPH) and aims to apply this ap-
proach to represent the process of jet grouting.

2 SMOOTHED PARTICLE 
HYDRODYNAMICS

The smoothed particle hydrodynamics (SPH) is a 
meshfree method, that was originally used in the 
astrophysics in the 1970’s. It has undergone a
significant development since and is nowadays 
suitable for different physical, hydrodynamic and 
also geotechnical calculations. 

The SPH uses particles that have the proper-
ties of the investigated materials. The values, e.g. 
velocity or density, for a particular particle are 
calculated from those of its neighbor particles us-
ing an approximation function , called Kernel 
function.

For the purpose of this study a code called 
Gadget H2O has been employed. It is an extension 
of the astrophysical code Gadget 2 by Volker 
Springel (Springel (2001), Springel (2005)), 
which was developed by Christian Ulrich (Ulrich 
and Rung (2010), Ulrich et al. (2011)). The code 
of Gadget H2O was also supplemented in this 
study as described in chapter 2.2.2, in order to 
develop a code that is more suitable for geotech-
nical calculations.

2.1 Conservation equations

The equations of mass and momentum con-
servations are relevant for the framework of 
SPH. A SPH approximation needs to be applied 
on both equations in Cartesian coordinates. 

Mass conservation is defined as follows in its 
Lagrangian formulation and SPH approximation:

(1)

where defines the density, and are the 
vectors of velocity and position in Cartesian co-

ordinates. The index denotes the focal particle 
and a neighbour particle.

The conservation of momentum is written as:

(2)

where is the stress tensor and a
volumetric force.

2.2 Equation of state

The pressure for fluids in the SPH is calcu-
lated by the equation of state. Soil particles are 
generally not included in conventional SPH for-
mulations. Therefore, they are listed separately in 
section 2.2.2.

2.2.1 Treatment of fluids
The pressure for fluids is calculated using 

pressure-density relation as in Shao and Lo 
(2003) and Monaghan (2004):

(3)

with pressure, for water, is the ref-
erence pressure and reference density accord-
ing to Ulrich and Rung (2010).

2.2.2 Treatment of soil

(1) Original definition according to Ulrich 
and Rung (2010)

The original version of Gadget H2O contains a 
treatment of soil particles as a fluid with variable 
viscosity (Ulrich and Rung (2010), Ulrich et al. 
(2011)). A yield criterion, similar to that of 
Mohr-Coulomb, is employed for the viscosity 
calculation as described in equation (4):



(4)

with – angle of friction, – cohesion and 
- a parameter related to the second invariant 

of the strain rate tensor, as described in Ulrich 
and Rung (2010).

Unfortunately, this simple method has the 
shortcoming of not being able to calculate the 
stress in the soil.

(2) Elastic behavior
A first step to separate both phases – fluid and 

soil – was to introduce a stress-strain relation for 
the soil particles. This way stress and also pres-
sure in soil particles are calculated as a function 
of displacement (equation (5)) and not by the eq-
uation of state.

The application of linear elastic soil behavior 
was chosen as a first alternative to explore.

(5)
Of course, a linear elastic modeling of soil 

does not describe the soil behavior during the 
process of jet grouting in a proper way. A more 
sophisticated approach is therefore required.

(3) Elastoplastic behavior  
An elastoplastic constitutive relation using 

Drucker-Prager yield criterion was applied. For 
this purpose the pattern, described by H.H. Bui 
in Bui et al. (2008), Bui et al. (2011a), Bui et al. 
(2011b) and Bui et al. (2011c), was used and im-
plemented in the code Gadget H2O:

(6)

where is rotation rate tensor, shear mod-
ulus, bulk modulus, deviator strain, stress 
deviator and . is the rate of the 
plastic potential:

(7)

with the Drucker-Prager parameters 
and analogue using the angle of 

dilatance .

2.2.3 Boundary conditions
There are different ways to define boundaries 

in the framework of SPH. The use of wall par-
ticles was suitable for our calculations. These are 
particles, which are assigned zero acceleration at 
every time step. 

2.2.4 Initial conditions for soil
The initial stress state of soil is important in 

order to achieve realistic stress state in the course 
of the calculation. Jaky’s equation was imple-
mented in SPH as the ground level was consi-
dered to be horizontal:

(8)

(9)

with for the vertical distance from the top 
ground level and .

3 CALCULATIONS AND RESULTS

3.1 Model and parameters

The simulation uses a rectangular box filled 
with sand particles, which is framed by sand wall 
particles. A water jet penetrates the box on its 
upper side. The jet has a velocity of 170 m/s, 
which equals to a pressure of 150 bar. This value 
corresponds to the experimental studies of Stein
(2004) that were also conducted with a water jet 
penetrating into a sand box under a pressure of 
150 bar. This way the simulation results can be 
compared and validated with experimental val-
ues for further studies.

The calculations were conducted in three dif-
ferent steps, using the formulations for soil 



treatment, described in 2.2.2. The soil and simu-
lation parameters are listed in Table 1.

Figure 1 The model used for calculation

The time step depends on a multiple CFL 
condition according to Ulrich et al. (2011). It is 
function of the maximal pressure and velocity

Table 1 Parameters used with the different models

model acc. to 
Ulrich & 

Rung
elastic elasto-

plasticparameters
number of 
particles 40037 60944 60944

wight x heigth 
[m] 5 x 2 5 x 2 5 x 2

pressure 
[bar] 150 150 150

soil density
[kg/m³] 1 00 1600 1600

angle of fric-
tion[°] 32 32 32

angle of dila-
tancy[°] - - 10

cohesion
[kN/m²] 0 0 0

Young’s 
modulus
[kN/m²]

- 20000 20000

Poisson’s ra-
tio[-] - 0.3 0.3

bulk modulus
[kN/m²] - 16667 16667

shear mod-
ulus[kN/m²] - 7692 7692

3.2 Results from the first simulation

The first simulation is able to display the dis-
tribution of particles as well as their velocity, 
density and pressure (Figure 2).

Figure 2 Results for the density distribution (left) and veloci-
ties (right) after 0.002s

However, this model has the disadvantage of 
not being able to display the actual stress com-
ponents, as well as not including a constitutive 
model for soil with a yield criterion.

3.3 Results with elastic soil behavior

In the second simulations the stresses are cal-
culated from the displacements using a stiffness 
matrix. Example results are displayed in Figure 
3.

Figure 3 Stress magnitude at 0.002 and 0.005 s in [kN/m²]

Considering these results, it is obvious that the 
linear elastic soil behavior leads to an accumula-
tion of large stresses. Furthermore, a remarkable 
increase in the volume of the soil body is to be 
noticed. These observations indicate that the re-
sults of this second simulation are rather exagge-
rated in comparison to realistic soil behavior. 
This calculation however presents an extended 



model as a first step for a separate consideration 
of soil and water particles.

3.4 Results with elastoplastic soil behavior

The third simulation applies a more sophisti-
cated version of the soil model as described in 
section 2.2.2.3. It includes an elastoplastic soil 
behavior and also a threshold for soil liquefac-
tion. The latter is activated, when soil particles 
are exposed to large pressure impact due to the 
water jet, so that severe decrease in the effective 
stresses occurs. In this case, the sand particles are 
subjected to liquefaction and start to behave as a 
viscous fluid again.

Figure 4 Initial stress magnitude in [kN/m²]

An initial stress state is employed in order to 
achieve a realistic stress distribution in the 
course of the calculation (Figure 4).

Figure 5 Stresses in the area of penetration of the water jet 
(zoom in) after 0.005 and 0.03s in [kN/m²]. Water jet is dis-
played in grey and liquefied sand in black

Example results for the magnitude of total 
stress in the soil are shown in Figure 5. The 
stress accumulation is not that striking as in the 

previous simulation but still noticeable. An in-
crease of volume is lacking and the top ground 
level is deformed in loading direction (Figure 6).

Figure 6 Penetration of the water jet and deformation of the 
sand after 0.03s

This latest improvements in the soil model 
provide more realistic results as previous simula-
tions. Validation and further test are also being 
planned in order to confirm the accuracy of the 
model and to implement corrections, if neces-
sary.  

4 CONCLUSIONS

The smoothed particle hydrodynamics has shown 
a versatile potential for a wide range of calcula-
tions in physics and engineering. One aspect of 
growing importance for this numerical method 
has been geotechnical engineering.  

This paper has outlined different approaches 
to simulate a water jet penetrating into a sand 
box as a simplification of the jet grouting 
process. It aims to study the soil- water interac-
tion, especially when rather high pressure is ap-
plied. The SPH has the advantage of being able 
to deal with large deformations and different 
phases, which is of particular importance for this 
study.

Although still validation and further tests are 
required, the application of SPH on problems of 
geotechnical engineering has shown to be a 
promising alternative to conventional mesh 
based methods. In the future such simulations 
can be applied to problems considering fluid-soil 
interaction and coupling, as well as the influence 
of exceed pore water pressure or even soil lique-
faction and erosion.
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ABSTRACT 

In this study, a software framework is developed to address the time complexity issues when mutually exclusive and computa-
tionally expensive analyses are needed in geotechnical engineering. A group of desktop computers is used as a computational 
platform where each computational cell is associated through network and the communication among them is achieved through 
regular network connections. Each cell is used to perform finite element analysis of a geotechnical problem investigated and the 
results are collected in a pool to be analyzed by intelligent searching schemes to further refine for better predictions of geo-
material properties. Genetic algorithm is used as a strategy to effectively the search in the space formed by alternative solutions 
to the backcalculation. An example problem is selected from transportation geotechnics field where the properties of geomateri-
als in the road infrastructure is backcalculated using the results of Falling Weight Deflectometer test. ILLI-PAVE finite element 
program is used in the analysis. Traditional analyses with a standard computer are compared with the one developed in this study 
and as a result more than 60% efficiency is achieved under normal circumstances when two desktop and more than one pro-
cessing  threads are used. The results indicate the potential of the proposed solution when larger high performance units become 
available for practicing engineers.  
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engineering, transportation geotechnics, intelligent search 
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1 INTRODUCTION 

In the last decade, parallel computers have be-
come widely used in all areas of daily computing 
such as web browsing, standard desktop pro-
grams, small business applications etc. As the 
processing power in a single central processing 
unit (CPU) have reached its physical limits due 
to geometry and temperature effects, the use of 
multiple processors in a single computer or par-
allel computers have become inevitable. Natural-

ly, parallel computers have found application ar-
eas in many engineering subjects such as numer-
ical modeling, bio-computations, nanotechnolo-
gy studies, etc. Such problems require extensive 
computations that generally take long time when 
solved using single computers with limited pro-
cessing power.  
 In geotechnical engineering, the use of paral-
lel computing is getting popular especially due to 
needs induced by recent developments happened 
in the area of numerical modeling. Specifically 



the models developed using the finite element 
method (FEM) including complex geometries or 
nonlinear material behavior needs to be relaxed 
in terms of computation time [1]. Nonlinear FEM 
based modeling studies may generally require 
take long time as there is a strong need for nu-
merical iterations to converge. Therefore such 
algorithms are studied in detail to be implement-
ed in parallel computers [2].   
 The objective of this study is to introduce the 
use of daily desktop computers to solve for com-
putationally intensive and explicit tasks when 
they are used together as a network connected 
group. The solution approach is not unique [3], 
however, it is a recently developed one to de-
crease the computational effort. To illustrate the 
concept, an inverse problem is solved using a 
parallel computing implementation of an optimi-
zation scheme to solve for nondestructive evalua-
tion of pavement layer properties. This problem 
is also called pavement layer backcalculation, 
chosen from the area of transportation geotech-
nics that lies in the field both geotechnical and 
transportation engineering. The overall aim of 
the backcalculation problem is that the solution 
needs to be obtained as quickly as possible to 
satisfy real time evaluation of road infrastructure.  

2 LITERATURE SURVEY 

In geotechnical engineering, inverse problems 
arise in many cases. For example, the backcalcu-
lation of material properties in a deep excavation 
given the field observation data such as monitor-
ing the performance of deep excavations using 
inclinometers is a typical inverse problem [4]. 
This can be extended further; for example, the 
prediction of total resistance of piles when they 
are driven to the ground given the dynamic 
measurements [5] or the estimation of shear 
strength or its parameters when a slope failure 
occurs [6] are challenging inverse problems. Fi-
nally, the interpretation of the results of nonde-
structive tests used for determining material 
properties of transportation infrastructures is an-
other typical inverse problem studied by many 
researchers [7-9]. These problems generally re-
quire many analyses depending on the difficulty 

level of the inverse problem, which is a function 
of many parameters such as the complex material 
behavior, the problem geometry or the character-
istics of field data, etc.   
 Considering the number of analyses required 
to obtain a reliable solution for inverse problems, 
intelligent searching schemes need to be used as 
decision makers for making auxiliary geotech-
nical analyses. In such situations, parallel com-
puting is strongly needed to help solving time 
complexity issues.  

2.1 Parallel Computing  

Parallel computing is the idea of sharing the 
computing workload through computers, proces-
sors or threads available in the processors. Ac-
cording the characteristics of data, problem or 
the hardware used, it can be in various forms, the 
simplest version of which is the use of Message 
Passing Interface (MPI).  
 The idea of MPI was first introduced at the 
Supercomputing Conference in 1992 to share the 
workload of the computing among the others 
[10]. Following the experimental implementa-
tion, the first version of MPI was described in 
1993 [10]. Then, together with the contribution 
of many researchers from around the world, con-
tinuous development of MPI started and finally 
the standard of MPI was released in June 1994, 
which was named as MPI 1.0. Since that time the 
MPI group of researchers met at every six 
months to discuss and develop the standard fur-
ther [11]. The current version of MPI is 2.2 and it 
is the most stable and fastest version. After the 
development of the concept, various versions of 
MPI have been released as well.  
 MPI is a standardization of the message pass-
ing interface system for parallel computation 
purposes. MPI organizes the messages and send 
them to the responsible worker nodes. The mes-
sages can be sent by the ethernet (i.e., the local 
network) or by the embedded structure of the 
computer. The worker nodes are mapped on the 
virtual nodes. Afterwards MPI organizes the 
messages according to the importance and se-
quence and then the messages are sent to the vir-
tual workers defined on the real distributed com-
puter hardware [10]. MPI can use both data 



parallelism and task parallelism. Data parallelism 
is called Single Instruction Multiple Data 
(SIMD), which is the easiest way to parallelize 
an algorithm. The principle behind SIMD is that 
the data is sent to the workers and workers start-
ed to make the same processes on different data. 
More complicated version of parallelism is task 
parallelism, also called Multiple Instruction on 
Multiple Data (MIMD). This version of parallel-
ism is more complicated because both the in-
structions and data should be handled carefully. 
For general purpose computations, data parallel-
ism is the frequently utilized method. Another 
parallel application program interface (API) is 
Open Multi-Processing (OpenMP). OpenMP us-
es the similar structure of MPI but it uses shared 
memory. Therefore, OpenMP is not appropriate 
for network attached multiple computer parallel 
computation [11]. The last one is the use of Par-
allel Virtual Machine (PVM), which is just an-
other parallel programming API [12]. It is based 
on message passing however MPI is better and 
mostly utilized API than PVM because PVM is 
an old programming interface and its documenta-
tion is poor. 

3 PARALLEL FRAMEWORK 

In this study, a parallel implementation of a 
pavement layer backcalculation problem algo-
rithm was developed using MPI. In backcalcula-
tion problem, a nondestructive Falling Weight 
Deflectometer (FWD) test is used for evaluating 
pavement structural condition. FWD provides 
pavement surface deflections recorded by several 
sensors in response to a constant load dropped 
from a specific distance at a certain frequency 
(Figure 1). These deflections are basically used 
for the structural capacity of pavement layers.  
 The parallel framework developed mainly 
three parts (i) Genetic Algorithms, (ii) Finite El-
ement (FE) Analysis, and (iii) Message Passing 
Interface. The sections below describe how they 
are used together to work as a platform. 

Figure 1. Falling Weight Deflectometer Test. 

3.1 Genetic Algorithms 

Genetic Algorithms (GAs) are one of the oldest 
and well known meta-heuristic methods. GAs are 
computational models based on natural evolution 
[13]. They have been extremely influential in de-
veloping optimization strategies and solving 
search problems. In GAs, a solution to any prob-
lem may be represented by binary strings, which 
is the encoding of system parameters. A random-
ly created population with initial random pa-
rameters is used. Population members evolve 
such that they are getting close to satisfying the 
fitness criteria through number of generations. 
This is achieved the operators inspired by the na-
ture such as selection, crossover, and mutation.  
 In the past, various forms of pavement layer 
backcalculation problem was solved by many re-
searchers using GAs [14, 15]. An overview of 
GA algorithm used in this study is provided in 
Figure 2. 

3.2 Finite Element Analysis 

FWD test simulation was performed in ILLI-
PAVE program, where FWD loading was as-
sumed to be standard 40-kN equivalent single 
axle loading applied as uniform pressure of 552 
kPa over a circular area of 152 mm radius. The 
FE mesh spacing on the surface was selected uni-
formly such that it was chosen for the FWD sen-
sors as follows: 0 mm (0 in.), 305 mm (12 in.), 
610 mm (24 in.), 915 mm (36 in.) away from the 
center of the FWD plate. The surface deflections 
corresponding to the locations of these FWD 
sensors were abbreviated as D0, D12, D24 and D36, 



respectively. Only four deflections were used in 
this study to backcalculate the layer moduli. To 
provide the simplicity in the analyses, a full-
depth asphalt pavement (FDP) is considered 
where the asphalt concrete (AC) layer lies on top 
of the natural subgrade. The moduli values to be 
calculated are the modulus of asphalt (EAC) layer 
and resilient breakpoint modulus of natural sub-
grade (ERi).  

Initial Population of Strings

Fitness Evaluation

Selection

Crossover

Mutation

Stopping Criteria Satisfied?

Final Population of Strings

NO

YES

Figure 2. Genetic Algorithm Flowchart. 

The fitness function used in this study is given 
in Equation 1, which simply measures the Eu-
clidian distance between the FWD field deflec-
tions and those obtained from the FEM results.   

    (1) 

3.3 Parallel Computing 

In order to calculate the fitness function in GA 
based backcalculation, the deflections for each 
candidate in the population needs to be calculat-
ed. For this to happen ILLI-PAVE was run first 
and the deflections were extracted from the re-
sults of FE analysis. According to the MPI based 
algorithm, parallel computing analyses were car-
ried out using three desktop computers with Intel 

e8400 processor installed. Each of these comput-
ers has 1 GB of RAM and a total of 500 GB SA-
TA hard disk. The configuration is shown in 
Figure 3, where the degree of parallelism meas-
ured using the number of computers in parallel. 
MPI 2.2 interface was used for all computations.

Finite Element Calculation

Network
Card

Figure 3.Fitness Evaluation of Genetic Algorithms in Parallel 
Computer Architecture. 

The operating system used was Windows 
HPC 2008 (Figure 4). It distributes the tasks and 
data easily using the built-in functions of MPI. 
The framework consists of master and slave 
nodes. The master node does not take any com-
putational work however it does the background 
operations such as the job distribution and stor-
age management. The system uses two network 
interfaces: one is connected to the outer network 
and the other one is connected to the computers 
for internal communication.   

Figure 4. Parallel Computers Used in this Study. 



4 RESULTS 

In order to measure the efficiency of the parallel 
computational framework, a synthetic FWD sta-
tion data was first created using ILLI-PAVE. 
This was obtained by running the FE program 
with random modulus values of EAC and ERi and 
a design thickness. Then the deflections D0, D12, 
D24 and D36 that were obtained from the FE anal-
yses and the design thickness were given to the 
computational framework to backcalculate the 
layer moduli. The GA parameters used in the 
analyses are provided in Table 1.  
Table 1. Genetic Algorithm parameters used in this study.  

Parameters Value 
Number of Generations 35 
Population Size 100 
Probability of Crossover 0.85 
Probability of Mutation  0.01 
Total String Size  22 bits 

Figure 5 shows the evolution of best, maxi-
mum and average fitness through generations. 
For this specific FWD station, the best fitness 
value of 0.998 was obtained at the end of 23 
generations. The analyses were carried out for 12 
more generations to obtain reliable solutions. 
The mean absolute percentage error for the layer 
modulus was obtained to be 0.9% for asphalt 
layer and 0.09% for the breakpoint resilient 
modulus of natural subgrade.  

Figure 5. Evolution of Fitness Through Generations. 

The analyses were repeated using different 
computer configurations. First a standard back-
calculation analysis was performed using a single 

computer and one worker (1PC 1W). Then 
number of workers was increased to two in a 
single computer (1PC 2W). Then one more 
computer was added to the system, each of them 
with two workers (2PC 2W). The run time of the 
analyses was decreased from 3145 seconds to 
1705 seconds. Therefore the efficiency was in-
creased by 45% compared to single computer 
analyses. Then number of workers was increased 
to 4 in a single computer (1PC 4W), which re-
sulted in 1465 seconds of analysis time. Fur-
thermore, with four workers in each computer, 
the number of computers was increased to two 
(2PC 4W) which provided further decrease by 
finishing the analysis in 1272 seconds. Finally 
two computers with eight workers (2PC 8W) 
worked on the same problem and finished the 
analyses in 1222 seconds. Overall 61% efficien-
cy was achieved by using two computers and 
eight workers compared to using single computer 
and one computer. The results are provided in 
Figure 6.  

Figure 6. Comparison of Run Times with Different Message 
Passing Interface Configuration. 

5 CONCLUSION 

In this study, a parallel computational framework 
was developed in order to solve computationally 
challenging problems, the solution of which may 
take excessive amount of time. The proof of con-
cept was illustrated by solving pavement layer 
backcalculation using nondestructive testing, a 
well-known inverse problem chosen from the ar-
ea of transportation geotechnics.  



 Genetic algorithm was used as an intelligent 
strategy to backcalculate the properties of pave-
ment layers. The Falling Weight Deflectometer 
simulation was performed using ILLI-PAVE FE 
program. The solutions obtained through genetic 
algorithm required excessive amount of calcula-
tions considering the difficulty of obtaining reli-
able inverse solutions. To reduce the amount of 
time to obtain a single solution, a parallel com-
putational framework was formed by connecting 
desktop computers through a network connec-
tion. Total of three computers were used, one as 
a head node and the others being slave ones. 
Message Passing Interface protocol was used for 
providing efficient interaction. The solutions 
were first obtained using a single computer and 
then using multiple computers. The results 
showed that using two computers with eight 
threads working simultaneously solved the back-
calculation problem 61% more efficiently com-
pared to single computer with single threads.  

The major advantage of the framework is that 
it is scalable, i.e., as the number of computers 
and the number of processors in each computer 
increases, the efficiency of the computational so-
lutions increases. Considering this, the developed 
framework brings many advantages when the so-
lutions require mutually exclusive computations. 
Further work is in progress to make developed 
environment widely accessible for practical en-
gineers.  
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Analyzing the displacements of a pile frame to 
determine its transverse load-bearing capacity

T. Tanev1, N. Kerenchev, A. Manolov, H. Dimitrov 
University of architecture civil engineering and geodesy, Sofia 

ABSTRACT 

This paper presents a numerical study of the deformation properties of a regular pile group foundation frame, which consists of 9
piles with square cross-sections (40/40 cm) and spacing of 1,60 m (axis-to-axis). The length of the piles is 11,0 m and the thick-
ness of the pile cap is 150 cm. Four separate analyses are carried out. Initially the pile group is calculated according to the proce-
dure and requirements of the current Bulgarian Codes. After that a solution with elastic spring supports is presented. Spring
stiffness is assumed to increase linearly with depth and stiffness-distribution coefficients are introduced. A linear-elastic plane 
stress analysis is performed using SAP2000  with frame elements for the piles and membrane elements for the soil body. Final-
ly nonlinear 2D and 3D analyses are carried out with PLAXIS 2D/3D, taking into account the plastic properties of soils. The
Mohr-Coulomb failure criterion is assumed for all layers. The results are summarized and general recommendations are given
for the simplified solutions, based on the more detailed nonlinear procedures. An essential observation is that load distribution 
differs significantly in the final stage of the plastic analysis, where the system is near a state of critical equilibrium, which cor-
responds to an ultimate limit state.  

Keywords: pile foundations, horizontal force, bearing capacity, limit states, finite element method, soil-structure interaction 
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1 INTRODUCTION 

In the case of pile foundations, bearing capaci-
ty  often has the meaning of satisfying displace-
ment/deformation criteria or in other words the 
serviceability limit states.  

In terms of bearing capacity for vertical ac-
tions, there are a number of analytical solutions 
as well as direct analogies with results from 
in-situ tests. In transverse (or horizontal) direc-
tion, however, there are no clear criteria regard-
ing ground bearing capacity. Ultimate limit states 
are often governed by structural failure or exces-

sive displacements greater than a certain struc-
tural  limit [1]. Structural failure often precedes 
ground failure, hence making the serviceability 
(SLS) and structural (STR) limit states essential. 

Calculating the lateral resistance (bearing ca-
pacity) of a pile is no trivial task, and often the 
procedures specified in building codes are incon-
clusive and insufficient for soil-structure interac-
tion analyses. This paper presents a comparative 
study of analysis methods for determining the 
load-displacement relation for a pile foundation 
frame, subjected to significant horizontal force. 



2 GEOMETRICAL AND GEOTECHNICAL 
PARAMETERS  

The foundation frame is a regular 3x3 group of 
square (d = 40 cm) driven piles with lengths of 
11,0 m. Spacing and pile-cap thickness are 
shown on Figure 1. Soil above the cap base is not 
included in the calculations and its influence is 
considered as a distributed load, equivalent to the 
overburden pressure at depth of 1,50 m 
(q  = Df.   = 28,8 kPa). 

1,6 1,6 0,60,6

4,40 m

P4 P5 P6

P7 P8 P9

P1 P2 P3

H=500 kN

H=500 kN

Layer 1

Layer 2

Layer 3

Layer 4

q'q'

Figure 1. Pile frame geometry and soil layers 

For all calculation models the center of the 
pile group is assumed at the origin of the global 
coordinate system (axis orientation differs, de-
pending on software used). 

Ground conditions are represented by four dif-
ferent soil layers and their geotechnical proper-
ties are given in Table 1. Layers 1-3 are cohesive 
clays, and Layer 4 is medium density sand.  

The material for the piles and the pile cap is 
reinforced concrete (C25/30). Elastic isotropic 
behavior for the concrete is assumed with mean 
elastic modulus  = 3.107 kPa and  = 0,2. 

Table 1. Geotechnical parameters for soil layers 

kh E c' 
Units kN/m4 Pa - kN/m3 ° kPa 

Layer 1  2000  6,5 0,30  19,2 24° 7 
Layer 2  2500  7,0 0,35 18,0 21° 25 
Layer 3  3500  12,0 0,28  19,0 18° 30 
Layer 4  8000  27,5 0,26 17,0 32° 3  

3 ELASTIC SPRING MODELS 

One of the first analytical solutions for piles is 
the analogy with beam on elastic foundation. Al-
though this class of models is very simple and 
straightforward, the exact distribution of the 
stiffness with depth is unknown. The elastic bed 
gradient coefficients (kh), specified in Table 1, 
vary in a wide range, so a number of solutions 
are performed with different values for kh, aver-
aged for depth of 8d (3,20 m). 

3.1 Computational model and boundary con-
ditions 

A distinct characteristic of such models is the 
need to calculate equivalent spring stiffness for 
each node. In the case of pile frames it is com-
mon to account for group effects and force dis-
tribution between the piles. In this case it is done 
by introducing reduction of spring stiffness 
(kh

* = .kh): 
for P1,P4,P7  1 = 0,5; 
for P2,P5,P8  2 = 0,7; 
for P3,P6,P9  3 = 1,0; 

Nodal spring stiffness is calculated using a 
simplified formula: 

*
, , . . . , /x i i y i h i ik z k z k b z D kN m , (1) 

where: 
kh is the gradient of the lateral elastic bed 
coefficient, kN/m4 (see Table 1). The val-
ues are from empirical relations given 
in [2], based on the consistency index (IC);
D  the effective width of the pile: 

1,5 0,5D d m ; (2) 



d is the width of the pile s cross-section;
bi are the length of the adjacent beam ele-
ments;
zi is the depth below the surface for the cur-
rent node. 

The vertical spring stiffness is assumed as: 

, ,2. , /z i i x i ik z k z kN m  (3) 

Alternatively coupled spring stiffness can be 
obtained using (4), but the difference in the re-
sults is not significant [3]. 

. T
elk k z dz , (4) 

The deformed shape and discretization of the 
FEM model are shown on Figure 2. 

Figure 2. FEM model of the pile frame inside SAP2000 

3.2 Results summary 

The resulting deformed shape is shown on Fig-
ure 2. The data for displacements and forces is 
presented in Tables 2  4. 

Table 2. Pile head displacements for different values of kh

Stiffness, 
kN/m4

ux,top
(for all piles)

uy,P1  uy,P9

kh = 1500 0,0093 m 0,0008 m -0,0008 m 
kh = 2000 0,0077 m 0,0006 m -0,0006 m 
kh = 2500 0,0066 m 0,0005 m -0,0005 m 

Table 2 indicates that for a 67% increase of 
spring stiffness, horizontal displacements de-
crease by 40% 

Table 3. Maximum bending moments for different kh values 

Pile row kh= 1500 kh = 2000 kh = 2500 
P1,P4,P7   83,9 kNm   80,1 kNm   77,0 kNm 
P2,P5,P8   97,9 kNm   93,1 kNm   89,4 kNm 
P3,P6,P9 114,3 kNm 108,4 kNm 103,9 kNm 

Maximum bending moments vary in the range 
of 10%, which is relatively low and is attributed 
to the substantial difference in stiffness of the 
piles and the surrounding soil. 

Table 4. Maximum shear forces (Vi) for different values of kh

Pile row kh = 1500 kh = 2000 kh = 2500 
P1,P4,P7 V1 = 43,4 kN V1 = 43,4 kN V1 = 43,4 kN 
P2,P5,P8 V2 = 53,8 kN V2 = 53,8 kN V2 = 53,7 kN 
P3,P6,P9 V3 = 67,4 kN V3 = 67,2 kN V3 = 67,1 kN 

The results in Table 4 clearly show that load 
distribution ( 1 = 43,4/67,4 = 0,64; 2 = 0,80) 
differs from the input ratios i  and that forces 
are rather proportional to the relative stiffness. 

3.3 Comparison with results from the simpli-
fied design procedure 

Bulgarian building code provisions [2] give a 
simple formula for calculating the horizontal dis-
placement of a single pile, based on stiffness in-
crease gradient kh. Equivalence is assumed by 
taking only 1/9 of the total transverse force and 
no group effect is considered. 

Results obtained by this procedure are pre-
sented in Table 5. 

Table 5. FEM results compared to Code design formula 

Stiffness, kh Code (BDS-EN)  FEM model 
1500  ux = 1,90 cm ux = 0,931 cm 
2000 ux = 1,60 cm ux = 0,767 cm 
2500 ux = 1,40 cm ux = 0,661 cm 



4 2D PLANE STRESS MODELS 

The two-dimensional half-space conditions are 
not very accurate for analyzing pile foundations. 
Nevertheless, this simplification is still used 
mainly because it can be performed using gener-
al purpose FEM software. 

Two computational models are considered  
linear elastic analysis in SAP2000 and an ex-
tended plastic analysis, using PLAXIS 2D.  

4.1 Linear elastic model 

This model uses two types of elements  mem-
brane elements with thickness of 1,0 m for the 
soil volume and frame elements for the piles. 
The decision to model the piles as beams (neg-
lecting their thickness) is mostly because of 
shear-locking  of plane stress elements in bend-

ing. 
To reduce the effect of boundary fixities on 

global results, the soil body extends on 35 m in 
horizontal direction and 25 m below the pile 
frame. Standard boundary conditions are applied 
and the loading is taken as H2D = 1/3H, assuming 
equal load distribution. 

The pile cap is represented with shell ele-
ments, and a rigid body constraint is applied for 
the corresponding nodes. 

Results obtained from this analysis are 
represented by displacements of the pile cap 
(Table 6) and maximum forces at the connection 
of the piles with the cap (Table 7). 

Table 6. Pile head displacements (at pile-cap base) 

Pile row ux , m uy , m y , rad
(P1, P4, P7) 0,031 0,004 0,0019 
(P2, P5, P8) 0,031 0,0 0,0019 
(P3, P6, P9) 0,031 -0,004 0,0019 

After analyzing the maximum shear forces Vi, 
alternative values for the distribution coefficients 
can be obtained. The factors are defined as: 

,max

i
i

i

V
V

. (5) 

Table 7. Distribution of forces in the piles (at pile-cap base) 

Pile row Mi ,kNm Vi , kN i ,  
(P1, P4, P7) 87,4 51,3 1,00 
(P2, P5, P8) 61,2 24,9 0,48 
(P3, P6, P9) 87,4 51,2 1,00 

4.2 Nonlinear plastic model (PLAXIS 2D) 

As a better approximation to real soil behavior, 
the Mohr-Coulomb failure criterion is assumed 
for all soil layers with unassociative flow rule 
(  = 0°) [4]. Geometrical data is the same as in 
the linear elastic model and the piles are modeled 
with plate (frame) elements. Interface elements 
are defined on both sides of each pile (positive 
and negative), with the same parameters as the 
surrounding soil. 

Figure 3. Deformed mesh around the frame, PLAXIS 2D 

For a load of H = 500 kN, the horizontal dis-
placement of the pile-cap is ux = 0,035 m, which 
is close to the result obtained from the elastic so-
lution, suggesting small plastic strains. 

After the initial load step (for H = 500 kN), 
the transverse load is increased in three incre-
ments and the corresponding load-displacement 
curve is obtained (Figure 4). Displacements and 
forces for the increased loading are structurally 
unacceptable, but they provide information for 
the bearing capacity in terms of ULS. However, 
such extreme loading is only theoretical and ac-
tual failure mechanisms are not considered here. 



Force distribution is presented in Table 8, and 
corresponding distribution factors can be calcu-
lated using (5). 

Table 8. Distribution of horizontal forces in piles  Fh, kN 

Load, H P1,P4,P7 P2,P5,P8 P3,P6,P9 
Fh,1 (V1),  Fh,2 (V2), Fh,3 (V3) 

500 kN   55,4    28,5    60,8  
1000 kN   98,8    61,9  139,5  
2000 kN 158,8  132,0  324,4  

H=500 kN
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Figure 4. Load-displacement curve, PLAXIS 2D 

5 3D MODELS 

The out-of-plane effects and stiffness of the 
frame are essential for estimating its behavior. In 
order to get a better representation of the system, 
two three-dimensional models are evaluated. 

Due to the symmetry in loading only half of 
the problem is analyzed using appropriate boun-
dary conditions (uz = 0 at the plane of symmetry; 
Fsym = 0,5F). 

5.1 Linear elastic model (ANSYS) 

In this model, piles are represented by solid (vo-
lumetric) finite elements and reduced integration 
is used (to avoid shear-locking ). Elements 
SOLID187 are chosen (higher-order 10-noded 
tetrahedrons), which have quadratic displace-
ment behavior. [5] 

The deformed shape and displacement map 
for the pile frame are shown on Figure 5.  

Forces in the piles are derived by means of 
differentiation of transverse displacements: 

2

,x
z m

d u y
M y E I kNm

dx
, (6) 

where: 
ux(y) is the transverse displacement result, 
mapped on the axis of the pile;
Em = 3.107 kN/m2 and I = 0,0256 m4.

Figure 5. Displacements of the pile frame (isolated), ANSYS 

5.2 Nonlinear plastic model (PLAXIS 3D) 

Both 3D models share the same geometry, but 
here plastic behavior (MC failure criterion) is 
taken into account. The model is shown on Fig-
ure 6. 

Figure 6. Computational model in PLAXIS 3D Foundation 



5.3 Summary of results for 3D models 

Displacements for the actual load of 500 kN 
are almost identical for the linear and nonlinear 
solutions, as observed in Table 9.  

Table 9. Displacements of the pile-cap in the 3D models 

Displacements ANSYS 3D 
(Elastic) 

PLAXIS 3D 
(Plastic) 

ux 0,0092 m 0,0099 m 
uy,min -0,0009 m -0,0011 m 
uy,max 0,0009 m 0,0011 m 

Table 10. Distribution of shear forces in the piles 

Pile shear forces,  
Fh,i (Vi), kN 

ANSYS 3D 
Elastic 

PLAXIS 3D 
Plastic 

P1 (=P7) 47,61 kN 48,69 kN 
P2 (=P8) 38,37 kN 35,92 kN 
P3 (=P9) 47,11 kN 49,30 kN 
P4 34,96 kN 36,82 kN 
P5 24,60 kN 27,14 kN 
P6 35,00 kN 36,68 kN 

Applying additional load steps (H = 2000 kN) 
yields the load displacement curve, shown on 
Figure 7. No apparent limit force can be deter-
mined (without extrapolation), although the de-
crease in stiffness is evident. 

H = 500 kN

0
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Figure 7. Load-displacement curve from PLAXIS 3D 

6 CONCLUSIONS AND RECOMMENDA-
TIONS 

Summary of results for group effect factors ( 1) 
and horizontal displacements (ux) from all ana-
lyses is presented in Table 11. 

Table 11. Comparison of distribution for H = 500 kN. 

Model 1 2 3 ux, m
BG code 0,50 0,70 1,00 0,019 
1D Springs 0,65 0,85 1,00 0,009 
2D Elastic 1,00 0,48 1,00 0,031 
2D Plastic 0,91 0,47 1,00 0,035 
3D Elastic 1,00 0,78 0,99 0,009 
3D Plastic 0,98 0,73 1,00 0,010 

For practical cases of transversely loaded 
piles, linear-elastic behavior is an acceptable ap-
proximation. However plane stress solutions 
overestimate displacements with factors of 
around 3,0. From designers  point of view this is 
on the safe side , but their application should be 

avoided. 

Elastic spring models are efficient for soil-
structure interaction, but only after proper spring 
stiffness distribution from more detailed 3D 
models is obtained. Equivalent elastic bed stiff-
ness, as function over the length of each pile, can 
be obtained using the formula: 

4
2

4

. , /x
x

x

d u z E Ik z kN m
u zdz

, (7) 

where: 
ux(z) is obtained from a 3D model and is 
numerically differentiated 
E.I is the flexural stiffness of the pile. 

Pile cap fixity affects results significantly and 
in case of soil-structure interaction, the partial re-
straint should be taken into account in the 3D 
model as an equivalent fixity. 
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Vintapperrampen: From detailed design to 
construction 

T. V. Isgreen1

Ramboll Denmark A/S 

ABSTRACT 

This paper presents a young geotechnical engineers work on the project Vintapperrampen. The Geotechnical Department in
Ramboll was involved in the design phase as well as with supervision in the construction phase. The main geotechnical chal-
lenges in the two phases are discussed.  
Vintapperrampen is part of an access road between two highways north of Copenhagen, Denmark. Borings indicated a huge 
amount of organic soil in parts of the ramp. Two alternative design solutions were applied depending on the location of the ramp
in relation to the ground level. When the ramp was above ground level or just below, concrete piles were driven and concrete 
slabs were cast above. The organic soil was excavated when the ramp was below ground level. King post walls were made in 
two locations, one where anchors could not be used in the sheet pile wall because of a nearby building and the one below a 
bridge where the construction height was the main challenge.  
In the supervision phase the main challenges were to overcome the obstacles in the soil. Sheet piles and king post walls were 
mainly vibrated to the desired depths, except for one king post wall under the bridge which was driven by a small pile driving 
machine. Most elements were installed without problems where others needed more effort. A few soil anchors met resistance 
during boring and had to be redone with a new inclination.  

Keywords: Design phase, Sheet Piling, Piles, Road, Organic soil, Settlements and Supervision.  

1 Theis Vielsted Isgreen. Ramboll Denmark A/S. Hannemanns Allé 53, DK-2300 Copenhagen S. 
Denmark, thi@ramboll.dk  

1 INTRODUCTION 

Vintapperrampen is part of an access road be-
tween two highways north of Copenhagen, 
Denmark. Up to now the access to M3 from 
Lyngby Omfartsvej is complicated by a round-
about and two traffic lights, cf. figure 1. The pro-
ject is currently under construction and is ex-
pected to be finished August 1, 2012.  

 Ramboll Denmark A/S (Ramboll) acted as a 
consulting engineer representing the Client: The 
Danish Road Directorate. Different departments 
have worked on the design phase as well as the 
construction phase. The Geotechnical Depart-
ment in Ramboll had a lot of challenges during 
the design phase for this project and some during 
the construction phase as well. 



Figure 1. Overview of the project [1].  

2 DESIGN PHASE 

In the design phase different design challenges 
arose. The key challenges will be discussed.  

The first part of the ramp is above ground 
level, where sheet piles function as a dam with 
the roadbed and the road on top. Tie rods connect 
the two sides so the sheet piles on both sides 
work together. The ramp is inclined downwards 
and the middle part of the ramp is below ground 
level. Sheet piles on both sides act as retaining 
walls with soil anchors. The ramp then levels out 
alongside M3, cf. figure 2. Due to the ramp, M3 
had to be extended to make room for the connec-
tion between the ramp and highway. Anchored 
sheet piles had to replace the slope of the exist-
ing embankment along the highway.  

All visible sheet piles will be covered in con-
crete for aesthetic reasons.  
 Fifteen new borings were made along the 
ramp alignment showing great variations of the 
soil. The discovered soil types included: 

Post and late glacial deposits consisting 
of peat, clay, silt and sand.  

Post glacial deposits of organic soil (gyt-
tja). 

Tills consisting of clay, silt and sand. 
Glacial deposits of sand and gravel. 

Figure 2. Overview of the ramp [1]. 

The deposits of organic soil in some parts of 
the ramp turned out to be a challenge. Slag was 
found in many locations in the post glacial de-
posits implying more corrosion of the steel than 
usual for these layers. The design life of the ramp 
is 100 years.  

2.1 Settlement reducing measures 

Calculations showed that settlements between 20 
cm to 40 cm could occur in parts of the road be-
cause of organic soil layers. Measures had to be 
made to prevent this. Two different solutions are 
presented in the following.  

The simplest solution was to excavate the or-
ganic soil. Because the organic soil extended to 
up to 6.5 m below the ground level, this solution 
was found only to be the most economical where 
the road already was some meters below ground 
level. The excavation of the organic soil meant 
that the sheet piles and ground anchors had to 
withstand larger forces.  

An alternative to avoid the large settlements 
of the road from the organic soil was to drive 
concrete piles into the soil and cast a concrete 
slab on top of each pile. The slabs where placed 
with a distance of up to 815 mm and 200 mm 
distance from the sheet piles. A geotextile net 
was placed 200 mm above the top of the slabs. A 
minimum of 1.5 m of sand/gravel needs to be on 
top of the slabs to ensure an arch effect in the 
sand/gravel assisted by the geotextile net. 
Thereby, the entire load from the road and road-
bed is transferred into the slabs, through the piles 
and into the soil below the organic soil deposits.  

In Figure 3 a cross section of the road can be 
seen where the concrete piles and slabs are 
shown. This solution was found to be the most 
economically attractive where the road is above 
or just below the ground level. 



Figure 3. Cross section of the ramp where the road is 
above ground level with concrete piles and slabs to avoid set-
tlements in the organic soil [1]. 

2.2 King post wall, no anchors 

Close to the ramp there are several buildings. 
One building had to be removed because it was 
located in the alignment of the new ramp. An-
other building close to the ramp is founded on 
piles. A 3D model of the building and pile foun-
dation as well as the new sheet pile wall with 
ground anchors was made. From visual inspec-
tion of this model it was clear that there was no 
room for the ground anchors between the exist-
ing piles. Thus, a solution consisting of a wall 
without ground anchors had to be found.  

The most economically attractive solution was 
a King post wall with large H-profiles coupled 
by double sheet profiles [2]. The H-profiles have 
a height of 880 mm, the flange a width of 460 
mm with a thickness about 23 mm. They had to 
withstand a large moment force, since it had to 
be a free wall.   

2.3 King post wall, under bridge 

The highway M3 crosses underneath the high-
way Lyngby Omfartsvej. This crossing proved to 
be a big challenge. To make room for the side 
extension of M3 a bicycle embankment had to be 
removed. The bridge is founded so that a new re-
taining wall is resisting the pressure from both 
the retained soil and the bridge foundation.  

The borings showed that the soil mostly con-
sists of clay till and glacial sand under the bridge.   
 The limited clearance was the main challenge. 
Focus had to be on what kind of machinery could 
be used and how a big profile could be handled 
under the bridge. In addition the foundation of 

the bridge for Lyngby Omfartsvej had to be sta-
ble during the entire construction period as well 
as after the permanent construction is estab-
lished, so settlements of the highway were pre-
vented. If the bridge was exposed to deforma-
tions, the cost would be enormous and had to be 
avoided at all cost.  

Working closely together with the contractor, 
Per Aarsleff A/S, to find the suitable machinery 
and the maximum dimensions of the profiles for 
the machinery, a solution was found. A king post 
wall with columns of HE240B profiles for every 
1.0 meters with steel plates (t = 20 mm) between 
them. Due to the small height only sections of 
1.0 meters could be driven at a time, then welded 
together with a new section, continued driving 
and so on, until the required length was obtained. 
For the plates between the columns, the principle 
was the same. Sections of 1 meter at a time had 
to be driven. These plates were not welded to-
gether, but small plates were welded on them, to 
keep them aligned over each other. 

Figure 4. Cross section of king post wall under bridge [1]. 

Ground anchors had to be installed as well. To 
make sure the foundation of the bridge did not 
move when excavation was done, the ground an-
chors were designed and pre-stressed to resist the 
entire horizontal load from the bridge foundation 



as well as some of the soil pressure. To minimize 
the length of the columns, the vertical forces 
from the anchors needed to be at a minimum be-
cause of the vertical soil resistance. So the incli-
nation of the ground anchors was set to 5o. The 
low angle of the ground anchors was possible 
because they had a free length of 20 m and were 
below the bridge and road of Lyngby Omfartsvej 
making adequate excess pressure on the retaining 
zone of the ground anchors. To minimize the 
hole that had to be cut in the bridge foundation 
for the ground anchors, a bar anchor was used 
here, in contrast to the strand anchors used as 
ground anchors in the remaining project area. 

To transfer the forces from the ground anchors 
to the HE240B columns, a steel waling was in-
troduced. The waling needed to be on the back 
side of the king post wall since the concrete 
thickness cast on the front side was not suffi-
ciently large to hide the waling. The waling con-
sists of two UNP260 beams welded on the col-
umns with triangle plates to obtain the angle of 
the ground anchors, cf Figure 4. 

2.4 Other challenges  

A project like this has a lot more challenges for 
the geotechnical construction engineer in the de-
sign phase than have been described here. Some 
of them are listed below: 

Crossing of high voltage cables. 
Crossing of waterpipe. 
Sheet piles carrying small concrete 
bridges. 

Corners of the sheet pile walls. 
Tie rod connections doe to the bending 
of the ramp.  

3 CONSTRUCTION PHASE 

Ramboll has undertaken supervision with the 
construction of Vintapperrampen. The Geotech-
nical Department in Ramboll has been supervis-
ing the driving of concrete piles, sheet piles and 
king post walls, boring of ground anchors, exca-
vation of soil, welding and construction of the 
waling and anchor connections.  

3.1 Driving of sheet piles  

The driving of the sheet piles progressed satis-
factorily. The driving method depended on the 
accessibility at the location. The preferred 
method was to vibrate the sheet pile, by using a 
Mobil Ram, cf. Figure 5. 

Figure 5. Aarsleff Mobil Ram SM 18/22 HD [3]. 

For the locations where this vehicle could not 
reach, a crane carrying a vibrator was used, cf. 
Figure 6.   

Figure 6. Vibrating from crane [3]. 

A challenge with the sheet piles was recog-
nised after the measuring of sheet pile deforma-
tions. A large section of the sheet piles had un-
dergone lateral displacement beyond the 
allowable tolerance. At some locations this 
meant that additional concrete had to be used in 
the finished wall. In a large section the sheet 
piles were placed too close to the road. Different 



departments in Ramboll had to be involved to 
find a solution. After going through different so-
lution options, the best solution found was sim-
ply to move the road a little. This meant that 
other parts of the wall needed more concrete to 
make a smooth wall.   

3.2 King post wall 

Figure 7. Hammering of plate in King Post Wall under 
bridge [3].  

The king post wall under the bridge was 
driven with a small ramming machine that the 
contractor found under the design phase. The H-
profils sometimes underwent twisting and/or lat-
eral displacement during installation. This made 
it harder when ramming the plates down between 
the H-profiles. 

Figure 8. King post wall under bridge before excavation 
[3]. 

After excavation of the soil on the front side 
of the king post wall it was observed that hard 

clay till was between the plates and the H-
profiles in most cases. So the plates were not in 
direct contact with the H-profiles. If the clay 
should fall out later on, the plates would move 
and settlement of the bridge might occur. It was 
therefore decided to weld new small steel plates 
between the H-profiles and the plates to keep 
them in place. 

Figure 9. King post wall under bridge after excavation [3] 

3.3 Driving of concrete piles 

Six concrete test piles where initially driven. 
They had an excess length of 2 meters. To begin 
with they were driven to the desired design lev-
els. Then, after about two weeks, the plan was to 
drive them the extra two meters. However the 
build-up resistance of the piles was so great that 
the piles would not move.   

The concrete piles were ordered with an as-
phalt cover in the zones where organic soil was 
expected. The asphalt would greatly reduce the 
negative resistance on the piles from the organic 
layers. The reason for the asphalt was to keep the 
length of the piles down to avoid the sand/gravel 
layer under the clay till. The first cargo of piles 
after the test piles was without asphalt. From the 
driving log on the test piles in the area where 
these piles were to be placed, it was found that 
the piles could reach a sufficiently high bearing 
capacity without the asphalt. So work could con-
tinue without lose of time.  



3.4 Drilling and establishing ground anchors 
and tie rods   

The work with the ground anchors and tie rods 
started as soon as the sheet piles were installed 
and the excavation of soil or build up of road bed 
was done to the correct level.   
 A few of the drilled holes for the anchors hit 
some obstacles and therefore the angle of incli-
nation of the anchors had to be changed. Due to 
miscommunication between the contractor and 
the engineers, five ground anchors in a row had 
the same inclination therefore the total strength 
was reduced because of the overlap within the 
anchor zone. Neither the contractor nor the engi-
neers would risk insufficient bearing capacity. So 
the solution became that a new anchor replaced 
the middle of the five anchors. The new anchors 
were placed half a meter below the already in-
stalled one and with a new inclination. Then the 
two anchors side by side with the same inclina-
tion were tested at the same time to make sure 
that bearing capacity was satisfactory.  

Figure 10. Boring of ground anchor [3] 

3.5 Excavation of organic soil 

The excavation of the organic soil was under al-
most full supervision from Ramboll's Geotechni-
cal Department. The area was divided into exca-
vation zones by the contractor. A maximum 
excavation depth was given to the contractor for 
each excavation zone. When the supervisor was 
satisfied that the excavation had gone beyond the 
organic soil, the excavation stopped in each 
zone. By doing it this way the contractor only 

had to excavate the organic soil and save a lot of 
time and money than if they had to excavate the 
entire area to the design level made on the safe 
side from the borings. 

Figure 11. Excavation of organic soil [3] 

4 LESSONS LEARNT  

During the project the following lessons were 
learnt: 

Thorough communication between all 
parties, external as well as internal is 
essential. 

Installation of king post wall with lim-
ited clearance.  

Ensure that positional tolerances for 
sheet pile walls as well as king post 
walls are kept.   
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ABSTRACT 

For the installation of a jack-up rig at an oil field offshore Mediterranean Sea an assessment of spudcan-soil-pile jacket plat-
form interaction during rig installation is carried out. At the mudline, the nearest spudcan (edge of the spudcan) to the closest 
platform pile is about 15.5 m.  

The piles are battered. At the location, from the seabed, the soil conditions consist of very soft to soft clay underlain by very 
dense to dense sand to large depth. Spudcan penetration in soft clays is associated with large soil displacements, horizontally and 
vertically. Depending on the relative distance between the platform and the jack-up rig this can cause considerably additional 
loads on the pile foundations. A spudcan penetration of about 10 m is predicted in conventional analysis. Finite element model-
ing of spudcan-soil-pile interaction is carried out conventionally and with Plaxis finite element program.  

The finite element modeling shows that the pile location is out of the critical rupture figure developed in the soft clay during 
spudcan penetration. Maximum elastic pile deflections of about 10 mm are calculated. The additional bending moment induced 
in the pile is about 0.9 MNm. An alternative calculation based on plasticity analysis of the laterally loaded piles considering 
moderate soil displacements, gives 1.2 MNm. So the additional stresses induced in the pile might vary from (30  40) MPa. The 
analyses are based on the design parameters with material coefficient of 1.   

The jack-up rig was installed next to the jacket platform at the considered distance. Spudcan penetrations as predicted were 
recorded and no impact on the pile jacket was observed during the installation. 

Keywords: Jack-up Platform, conventioanl analysis, finite element analysis, bearing capacity, failure mechanism, bending mo-
ment, shear force,  

1 INTRODUCTION 

Large jack-up rigs are often used to perform 
drilling operations near to an existing jacket plat-
form in shallow water oil and gas production. 
 According to [1] in several locations, depend-
ing on the soil conditions, a large volume of soil 
is displaced and consequently severe stresses 
may be induced on adjacent piles supporting the 
jacket platform, during spudcan installation pro-
cess.   

The induced loading on the pile decreases 
with increasing clearance between the spudcan 
and the pile [2]. An assessment of spudcan-soil-
pile interaction is carried out during installation 

of a jack-up rig at an oil field location in the 
Mediterranean Sea. 

2 SPUDCAN-PLATFORM RELATIVE 
POSITION AND GEOMETRY  

The platform-jack-up spudcans location at the 
mudline is shown in Figure 1. The platform base 
is a square of 19.31 x 19.31 m. Four leg piles are 
located at the corners of the platform structure. 
 The piles are battered 1:7.071 in both direc-
tions and are 62 m long. The diameter of the 
piles is 1.067 m (42 inches) and pile wall thick-
ness is 3.81 cm (1.5 inches). 



The jack-up rig has an equivalent diameter of 
about 18.0 m, a total height of about 6.8 m and 
1.8 m height of tip to full base contact. 

Figure 1, Platform Jack-up Spudcans Location 

According to Figure 1 and considering the 
nearest spudcan to the platform, the spudcan 
edge is about 15.5 m from the closest platform 
pile at the mudline. As the piles are battered, the 
distance between the edge of the spudcan and the 
pile at 9.8 m depth, (depth where the sand layer 
starts), is about 14 m. 

3 SOIL CONDITIONS AND PREDICTED 
 SPUDCAN PENETRATION  

The seabed soil consist of about 10 m of very 
soft-to-soft clay underlain by very dense to dense 
sand to the depth relevant for spudcan penetra-
tion analysis and the pile design.  

Based on the available soil data GEO has as-
sessed generalized design lower / upper bound 

Jack-  rig spudcan 
penetration analyses at the three spudcan loca-
tions. 

The upper / lower bound characteristic soil pa-
rameters are selected as cautious estimates of the 
value effecting the occurrence of the relevant 
limit state [3]. 

The estimated design angles of internal fric-
tion take into account the reduction for the foot-
ing size as recommended by [4]. The generalized 
soil profiles and the soil parameters relevant for 
the penetration analyses can be observed in Fig-
ure 2. 
 Spudcan penetrations of about 10 m are con-
ventionally predicted for the maximum preload, 
(122 MN). During the penetration squeezing of 
the clay soil occurs while the spudcan approach-
es the level of the very dense sand layer at about 
10 m depth below the seabed.  

Figure 2 Conventional Penetration Predictions 

4 SPUDCAN-SOIL-PILE INTERACTION   

Spudcan penetration in soft clays is associated 
with large soil displacements. Depending on the 
relative distance between the platform and the 
jack-up this can cause considerably additional 
loads on the pile foundations.  
 There are different ways how to determine the 
magnitude and the extent of the soil movement 
around the spudcan and the nearby effected zone. 



4.1 Centrifuge Testing, Literature Survey 

From the centrifuge testing of the spudcan pene-
tration in soft clay, [5] & [6] it is observed that 
the soil below the spudcan is moved laterally and 
flown up around the spudcan edge effecting the 
soil displacement at an area of about one spudcan 
radius.  

Considering the previous predicted spudcan 
penetration at this location, soil backflow is not 
likely to occur as d (penetration depth) = 10 m < 
N*cu
=5 according to [7]. cu is the undrained shear 
strength for the remolded c-
tive unit weight.  

So the soil volume displaced downward dur-
ing the spudcan penetration will be moving later-
ally-up due to squeezing of the clay (soft clay 
overlying sand). This can be illustrated with the 
below figure from the centrifuge testing of 
spudcan penetration on soft clay at the Universi-
ty of Western Australia (UWA). 

In [6] centrifuge modelling of spudcan-pile in-
teraction was carried out at Cambridge Univer-
sity. The soil displacements were converted into 
loads on the piles adjacent to the spudcan. As the 
spudcan penetrates, the moment distribution in 
each of the three considered piles was recorded.  

It was observed that extensive remoulding of 
the soil during spudcan penetration is localised 
laterally, within one spudcan radius. The soil 
conditions considered in the test were homoge-
neous very soft clay of 32 m prototype scale and 
the piles were vertical of diameter 1.5 m.  

Figure 3. Centrifuge Test at UWA 
(www.cofs.uwa.edu.au/Researh/spudcan.html). 

The four-parameter model involving p-y ap-
proach was offered as a means to determine the 

impact of spudcan penetration near piles of a 
steel jacket structure. This can only provide an 
approximation of the moment developed in a pile 
subjected to soil movement. The influence of the 
relative size of the spudcan was not investigated.  

4.2 Two-Dimensional (2D) Finite Element 
Analysis 

Numerical modeling, finite element large defor-
mation analysis, can be performed to investigate 
the soil deformation around the spudcan during 
the penetration. Such a modeling has been previ-
ously carried out by the authors with finite ele-
ment programs like Abaqus, Elfen, Plaxis etc. 
[7]-[10].   
 For the current analysis finite element model-
ing is carried out in Plaxis [11]. The program 
does not have strong capability to carry out large 
deformation analysis, neither mesh adaptivity 
features. However, the analysis gives an indica-
tion of the spudcan-soil-pile interaction during 
spudcan penetration. 
 The real situation is a three-dimensional (3D) 
one. The 2D modeling of the spudcan and the 
pile is carried out as an approximation. This 
means that the spudcan is considered acting as a 
continuous footing and the pile as an inclined 
sheet pile wall.  

The geometry of the spudcan and the pile data 
are adapted to the 2D analysis. The spudcan is 
modeled as a rigid body and the pile is supposed 
to behave elastically modeled as a beam/plate el-
ement with the stiffness derived from the pile 
geometry.  

Soil-spudcan interaction and pile-soil interac-
tion are modeled implementing interface ele-
ments. As the pile is 62 m long, it is assumed to 
be pinned at the boundary of the finite element 
model.  

The same soil strength parameters, as applied 
in the penetration analysis are implemented in 
the finite element analysis. Mohr-Coulomb 
elasto-plastic constitutive soil models, undrained 
conditions for the clay and drained conditions for 
the sand, are used considering the available data. 
 The deformation parameters for the clay and 
the sand layers are defined based on the laborato-
ry test results. For the soft clay layer the defor-



mation modulus E=200*cu is approximated 
though.  

The patterns of horizontal and vertical soil de-
formations are shown Figure 4, which define the 
area around the spudcan affected mostly during 
spudcan penetration.  

Figure 4. Vertical and Horizontal Soil                           
Movements. 

The pile is modeled as battered with the rela-
tive spudcan position as described in section 2. 
The top of the pile is modeled as free to rotate 
but fixed with regard to horizontal displacement 
considering the jacket structure supported by the 
piles. No axial pile load was considered.  

As the spudcan penetration calculation starts 
from full base contact, the vertical soil displace-
ment is about 8 m. This should be added up with 
the spudcan tip to base height of 1.8 m. It can be 
seen that the pile is located out of the rupture 
figure and not affected very much by the soil 
movements.  

The pile deflections, additional pile bending 
moment and forces are shown in Figure 5.  

Figure 5. Additional Pile Forces and Defor-
mations 

Maximum elastic deflections of about 10 mm are 
recorded for the pile. The additional bending 
moment induced during spudcan penetration is 
about 0.9 MNm giving additional stresses of 
about 30 MPa. 

However, due to very large deformations and 
no mesh adaptivity features implemented in 
Plaxis, some inaccuracies in updating the state of 
stress for the soil and the pile are expected. In 
addition, the problem is 3D and a 2D modeling 



might involve uncertainties. In order to check the 
finite element results, alternatively a convention-
al approach is derived below.      

4.3 Ultimate Limit State Analysis 

The analysis is based on Brinch Hansen ultimate 
resistance of rigid piles against transversal forces 
[12]. In the state of failure, (soil deformation is 
able to develop ultimate passive pressure around 
the pile), the pile will rotate as a rigid body 
around a point at a certain depth. In the current 
situation, a point slightly below the sand layer 
(about 1 m) is assumed as a rotation point.  

The resultant, (passive minus active), pressure 
per unit length of the pile is calculated as a func-
tion of cohesion, overburden and earth pressure 
coefficients respectively. The soft clay is consid-
ered slightly over consolidated with cu=5 kPa at 
the mudline and cu=30 kPa at the bottom.  

The pile is calculated as a beam with the same 
boundary conditions (pinned support) as in the 
finite element model, subjected to active and the 
passive forces per unit length.  

A maximum ultimate bending moment at 
about 6 m depth is calculated to be 2.9 MNm, 
which gives maximum bending stresses in the 
pile of about 95 MPa. The soil displacements 
relative to the pile at the considered location will 
not fully develop passive earth pressure (yield), 
so bending moment of about 1.5 MNm is evalu-
ated for expected soil displacements of about 4 - 
5 cm. So the additional stresses induced in the 
pile might vary from (30  40) MPa.  

5 GENERAL CONCLUSIONS 

The finite element modeling shows that the pile 
location is out of the critical rupture figure de-
veloped in the soft clay during spudcan penetra-
tion. Maximum elastic pile deflections are about 
10 mm. The additional bending moment induced 
after completion of the spudcan penetration is 
about 0.95 MNm and the additional stresses 
about 30 MPa.   
An alternative calculation based on plasticity 
analysis of the laterally loaded piles considering 
moderate soil displacements at the pile location, 

gives 1.5 MNm. So the additional stresses in-
duced in the pile might vary from (30  40) MPa. 
Our analyses are based on the design parameters 
with partial coefficient of 1.   
 It was recommends discussing the current as-
sessment with the consultants who designed the 
platform piles.  The additional stresses of the or-
der (30-40) MPa, possibly to be induced during 
spudcan penetration, might or might not be criti-
cal for the pile. 
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ABSTRACT 

In Northern areas the railway embankments must be sized against the seasonal frost. Since practically no frost heave can be al-
lowed on mixed corridor railway network, the embankments must be built up with relatively thick structural layers. Mutually the 
embankments have traditionally had narrow widths and steep slopes. Introduction of higher (25 t) axle loads is exposing the 
structures to increasing rate of loading. The aim of this study is to measure and model the effects of higher intensity loading of 
railway structures. With help of 3D Finite Element Modeling it was possible to determine a credible explanation of the embank-
ment structure behavior when model results are interpreted on the mobilized amount of shear strains into the embankment struc-
ture.   Based on the gathered data and analysis of different project rounds it was possible to create a simple guideline that deter-
mines the required embankment dimensions.  

Keywords: Railway embankment, subballast layers, permanent deformation, recoverable deformation, finite element model, 
shear strain. 
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1 INTRODUCTION 

The width and the slope angle of a railway em-
bankment have great economical effect on the 
investment costs of a railway embankment. Due 
to the cold climate and the consequent harmful 
effect of seasonal frost the railway embankments 
are typically built up with relatively thick struc-
tural layers in Northern regions. Meantime the 
embankments have traditionally fairly steep 
slopes and narrow widths in order to cut the con-
struction costs. Introduction of higher allowable 
axle loads and traffic speeds is, however, expos-

ing the embankment structures to continuously 
increasing intensity of repeated loading which al-
so is increasing the rate of permanent defor-
mations into the embankment structure. In addi-
tion, the substructure layers of railway 
embankment require high-quality non-frost-
susceptible aggregate materials which are being 
more and more scarcely available in several 
places.  

The problem described above has been stud-
ied at the Laboratory of Earth and Foundation 
Structures of the Tampere University of Tech-
nology.  The  study  is  divided  into  four  main  as-



pects: the full-scale test embankment sections lo-
cated in the southwestern part of Finland, the 
model scale instrumented test embankments, 
FEM-modeling and evaluating the long term de-
formation behavior of railway track line based on 
laser scanner measurements. This paper is focus-
ing on the observations made on the three dimen-
sional FEM-models and a case study where the 
new instruction of defining the required mini-
mum embankment width was tested at a renova-
tion project between the towns of Tampere and 
Kokemäki located in the Western part of Finland. 
The  embankment  types  of  this  study  and  the  
symbols used in this article are presented in table 
1.
Table 1. Embankment types and symbols used in this study. 

Embankment 
type 

Dimensions in full scale 
Width on top of sub-

ballast (m) 
Slope angle ra-

tio (-) 
Embankment A 5.4 1:1.5 
Embankment B 6.0 1:1.5 
Embankment C 6.8 1:1.5 
Embankment D 6.0 1:2 

Chapter 2 shortly describes the most signifi-
cant findings observed at full-scale measure-
ments and model scale test embankments. Chap-
ter 3 gathers the results at the mechanical 3D-
modeling and chapter 4 describes the first appli-
cation of the new instruction guidelines provided 
from the results of this study. 

2 FULL- AND MODEL SCALE TEST 
RESULTS 

The two most significant findings of these tests 
were the essential role of subgrade stiffness on 
the deformation behavior of the railway em-
bankment and the observation that recoverable 
vertical displacement does not vary as a function 
of embankment dimensions. [1,2]  

Figure 1 shows the accumulated permanent 
lateral deformations of the embankments meas-
ured on the top of the subballast layers on tests 
performed on stiff and more flexible subgrade 
conditions. Figure 2 presents the amount of re-
coverable vertical displacement of the model 
scale test embankments at different load levels. 
The load level was raised after each 20 000 load 

cycles in the test series. The results achieved 
clearly indicate that on stiff subgrade conditions 
the embankment does not face a notable amount 
of permanent deformation. On more flexible 
subgrade the accumulated amount of permanent 
deformation into the embankment structure is 
remarkable and the embankment dimensions 
have a marked effect on reducing the subsequent 
widening. As shown in figure 2 the recoverable 
deformation behavior of the track embankment 
structure is clearly not an explanatory factor on 
permanent deformation behavior of the em-
bankment structure until collapse. [1,2] 

subballast layers on the model scale test em-
bankment series.[2] 

Figure 2. Recoverable vertical displacement of 
the model scale track structure.[2] 

Similar results were gathered at monitored 
full-scale test embankment sections located on 
soft soil area (figure 3). The long term behavior 
of the embankment clearly shows that on flexible 
subgrade conditions the embankment dimensions 
have a great role in permanent deformation be-
havior of the track structure. [1] 



Figure 3. Average permanent lateral deformation 
in each of the embankment sections after one 
year and after two years exaggerated by 50 
times. [1] 

3 MECHANICAL MODELING OF THE 
RAILWAY TRACK EMBANKMENT 
BEHAVIOUR 

Mechanical modelling of the track embankment 
was made with PLAXIS 3D which is a finite el-
ement program that has been developed specially 
for the analysis of deformation and stability in 
geotechnical engineering projects.  [3] 

PLAXIS 3D contains several different materi-
al models. Only the material model used in this 
study is introduced here. The Hardening-Soil 
model (HS) is an advanced model for the simula-
tion of soil behaviour. Limiting states of stresses 
are described by means of the friction angle, ,
the cohesion, c, and the dilatancy angle, . Soil 
stiffness is described by using three different in-
put stiffnesses: the triaxial loading stiffness, E50,
the triaxial unloading stiffness, Eur, and the oe-
dometer loading stiffness, Eoed. All these stiff-
nesses relate to a reference stress, 100 kPa in this 
study. In HS model all stresses increase with 
pressure and the yield surface is not fixed in 
principal stress state, but it can expand due to 
plastic straining. In this study, modelling was 
performed with linear elasticity for subgrade lay-

ers and HS model for subballast layers. HS mod-
el was chosen for the subballast layers because 
majority of strains caused by train load are re-
versible. However, a part of the strain is always 
permanent. With HS model the stiffness of em-
bankment is more appropriate in both sides of the 
yield surface i.e. when subjected to deviatoric 
loading, the soil stiffness decreases simultane-
ously with the development of irreversible 
strains. [3] 

Linear elasticity was considered to be suitable 
for the subgrade layers in this study because re-
peated loading should not induce a marked 
amount of plastic straining in the subgrade. This 
assumption was also checked by using Mohr-
Coulomb material model for subgrade layers and 
practically no plastic straining was observed to 
appear in the calculations. 

The model geometry was chosen to represent 
an average Finnish railway embankment and the 
total height of the embankment was 2.55 meters 
of which the subballast layers were 2 meters 
thick and the ballast layer was 0.55 meters. The 
model was constructed to profile the most critical 
loading stage of the embankment. The loads of 
two consecutive bogies were modelled as point 
loads. The loads were located as in load model 
71 so they were at 1.6 meters interval. The mag-
nitude of each point load was 125 kN. The model 
sketch is illustrated in figure 4. 

3.1 Model verification 

The embankment material parameters used in the 
modelling and summarized in Table 2 have been 
evaluated based on extensive experience from 
large-scale repeated loading triaxial testing with 
similar type of coarse grained materials [4] and 
also verifications made by taking use of actual 
response measurements made from the track em-
bankment on an earlier instrumentation [5].  

With help of these results it was possible to 
compare the stiffness parameters of the model to 
the measured ones. Figure 5 illustrates the Eur
state parameters option of PLAXIS 3D. This op-
tion shows the actual stiffness of the soil at the 
end of calculation. At the bottom of the ballast 
layer the stiffnes was roughly 250 MPa and at 



the top parts of the subballast layer the stiffness 
was approximately 140-160 MPa. These 
achieved values were close to the measured ones, 
having only about 10-20 MPa difference. Based 
on these results, the chosen stiffness parameters 
were considered as suitable (table 2) 

Figure 4. The sketch of 3D mechanical model 
used in this study. 

Table 2. Material parameters used for the ballast layer and 
subballast layers used in final simulations. 

Parameter Value Value Unit 

Material 

Identifi-
cation Ballast Sub-

ballast -

Material 
model HS HS -

Type Drained Drained -
unsat 20 20 kN/m3

sat 23 23 kN/m3

Permea-
bility 

kx 1 1 m/day
ky 1 1 m/day

Stiffness 

E ref
 50 250000 150000 kN/m2

E ref
oed 160000 120000 kN/m2

E ref
 ur 500000 350000 kN/m2

Power 0.5 0.5 m
(nu) 0.2 0.2 -
pref 100 100 kN/m2

K0
nc 0.2929 0.3843 -

Strength 

cref 20 5 kN/m2

45 38 
5 5

cincrement 0 0 kN/m2/
m

yref 0 0 m
Rf 0.9 0.9 -

Since the embankment is exposed to different 
types of loads due to the climate condition 
changes,  the  effect  of  soil  stregth  was  also  
studied with help of a preliminary model. When 
the degree of saturation of the embankment 
material changes due to rain, wind etc. it also 
affects the soil stregth. In this particular case, 
especially the friction angle  and the cohesion c 

are variables. Even though coarse grained 
aggregates are considered as cohesionless soils, 
the adequte moisture content creates suction 
essetially in the case of sands and this 
phenomenom can be modeled with help of 
increased cohesion.  Table 3 shows the varied 
soil parameters. Based on the model series the 
strenght parameters of subballast layers were 
chosen as relatively conservative (table 2).  

Figure 5. State parameter Eur on  top  of  the  sub-
ballast layers presenting the stiffness moduli at 
the end of the simulation. 
Table 3. Soil strength parameters in simulations defining the 
effects of environmental loads to the embankment structure. 
Dilatancy angle  remained at constant value of 5° at al 
simulations. 

Simulation  (°) c (kPa) 
1 38 1
2 38 5
3 38 10 
4 41 10 
5 41 15 
6 45 15 
7 45 20 

3.2 Model results 

After the model verification the actual simulation 
series was performed. As mentioned in previous 
publications of the study (eg. [1,2]) the accumu-
lated level of shear strains seems to give a plau-
sible explanation to embankment behavior under 
heavy train loading. Figures 6 and 7 illustrate the 
simulated shear strain levels into the embank-
ment structures on soft soil area and on stiff sub-
grade conditions. It can clearly be indicated that 
on soft subgrade areas the added embankment 



dimensions support the embankment structure 
and prevent the accumulation of harmful perma-
nent deformations whereas on stiff subgrade 
conditions that spare support is not advanta-
geous. 

Figure 6. Accumulated shear strain levels on final simulations 
on soft subgrade conditions. 

4 A NEW METHOD IN DETERMINING 
THE REQUIRED MINIMUM 
EMBANKMENT WIDTH 

The present method used in Finland only takes 
the desired maximum axle load and traffic speed 
into account in determining the required em-
bankment width. However, the observations 
made during the project pointed out that the sub-
grade stiffness had dominant role in deformation 
behavior of a railway embankment. Therefore a 
new method was developed for the maximum ax-
le load of 25 tonnes for freight traffic and traffic 
speeds between 200 and 250 kph for passenger 
traffic on existing railway network. 

The new method is based on the measured re-
coverable deformation of the embankment under 
moving  train  load.  The  rate  of  loading  is  set  to  
the most common locomotive type in Finland 
which has axle load of approximately 22 tonnes. 
The recoverable deformation of the embankment 
is measured at the centre of sleeper and the 

measurement procedure is standardized as fol-
lows: 

Railway track line is first divided into sec-
tions having similar subgrade conditions. 
The recoverable vertical displacement of 
each section is measured from the middle 
of the sleeper.  
Measurement of each section is performed 
from a section of 25 sleepers. Five sleepers 
are instrumented and after each instrument-
ed sleeper four sleepers are left without in-
strumentation to avoid stiffer and weaker 
spots of the track 
An average recoverable vertical displace-
ment is calculated leaving the strongest and 
weakest measured value unnoted 
Calculated average value determines the 
required embankment width (figure 8) 

Figure 7. Accumulated shear strain levels on final simula-
tions on soft subgrade conditions. 

4.1 CASE study on the new instruction 
guideline 

The new method was tested or the first time at a 
track renovation project going on between towns 
of Tampere and Kokemäki located in the western 
part of Finland. Railway track line under renova-
tion has a total length of approximately 84 km. 
Alltogether 86 sections were measured to deter-
mine the required embankment width.  



When the recoverable vertical deformation 
was measured, also the current embankment 
width was checked at most sections to verify the 
new method. At some of the sections the em-
bankment  width  was  not  checked  since  parts  of  
the railway track are constructed with double line 
railway track. In each of checked 74 sections the 
current embankment width was greater than the 
desired minimum according to the new method. 
Based on this information the new method and 
the limit values set can be considered suitable. 
Table 4 shows the gathered data divided into de-
sired embankment widths. 

Figure 8. The limiting values of average recoverable vertical 
displacement according to the new guideline.

Table 4. Measured sections divided into required embank-
ment width fragments. 

Recoverable verti-
cal displacement of 
the track (mm) 

Required embank-
ment width (m) 

Number of sec-
tions 

< 0.6 6 9
0.6..0.8 6.2 26 
0.8..10. 6.4 26 
1.0..1.2 6.6 10 
>1.2 6.8 15 

However, the new method has some disad-
vantages. At almost 20 % of sections measured 
had a large (>0.5 mm) standard deviation in 
measured values. This is most likely due to the 
nature of the ballasted track where the condition 
of the track components varies a lot especially 
when the  track  is  at  the  end of  its  lifecycle.  On 
the other hand, over 40 % of sections measured 
the standard deviation was relatively small 
(<0.15 mm). This indicates that the method is 
relatively reliable as long as the condition of in-
strumented sleepers is investigated before the 
measurement is performed. In most cases a large 
standard deviation occurred the ballast layer un-

der instrumented sleepers was heavily fouled and 
the alignment of the sleepers were not optimal. 
Since the new method only describes the perfor-
mance of track correctly at one point at the time, 
the limit values were set somewhat considerate.  

CONCLUSIONS  

The finite element modeling in 3D solved several 
issues concerning the 2D-modelling (see e.g. 
[2]). With help of the results gathered it was pos-
sible to evaluate the embankment behavior more 
accurately based on mobilized shear strain levels.  

The new guideline instruction created seems 
to have an advantageous approach to problems 
concerning the sizing of embankment dimen-
sions. With help of the data and observations ob-
tained during the study it is possible to point out 
the problematic sections of railway track line and 
direct the resources into correct sections during 
the renovation of existing railway track. 
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ABSTRACT 

A new lifting bridge will be constructed crossing the river Oude Maas in the Rotterdam harbour area in the Netherlands. In this
paper the foundation design of the bridge piers is discussed. With respect to the bearing capacity calculations, some deviations 
from the Dutch code were applied. The results of recent (scientific) studies have been taken into account in the calculations for
the drained situation. For the undrained situation, the influence of a relatively thin cohesive layer within the influence depth of
the foundation has been investigated in more detail. For the deformation analysis deterministic 3D FEM calculations have been 
performed. In order to take the effect of soil heterogeneity on the deformation behaviour of the bridge piers into account, a prob-
abilistic model was developed. This model is described in this paper. 

Keywords: Foundation design, shallow foundation, soil heterogeneity, probabilistic deformation analysis 
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1 INTRODUCTION 

Due to an increase in traffic load, the Dutch 
highway A15 in the Rotterdam harbour area will 
be widened. One of the main challenges in this 
project is the construction of a new lifting bridge 
crossing the river Oude Maas. Consisting of two 
lifting spans of about 100 m length and 60 m 
width, reaching more than 60 m above water 
level, this new bridge will be one of the largest 
lifting bridges in Europe. In figure 1 an artist im-
pression of the new bridge is presented.

Figure 1. Artist impression new Botlek lifting bridge with 
main piers P30, P40 and P50. Source: Quist Wintermans Ar-
chitecten 



The three main bridge piers will be founded 
on rigid concrete blocks with footing dimensions 
of 15 m x 60 m, at 8 m below river bed on top of 
the first dense (Pleistocene) sand layer. The 
foundations are effectively treated as shallow 
foundations. 

In this paper the foundation design of the new 
bridge will be discussed. The soil investigation, 
ultimate bearing capacity and deformation analy-
ses will be described. 

2 SOIL INVESTIGATION AND 
PARAMETER DETERMINATION 

For the determination of the soil parameters an 
extensive soil investigation has been performed. 
A relatively dense grid of Cone Penetration Tests 
(CPT s) with a mutual distance of about 15 m 
was executed to a depth of about 3 times the 
foundation width. In addition, a number of bore-
holes were drilled with selected undisturbed 
samples taken at regular intervals for geotechni-
cal laboratory tests. From the CPT s and bore-
hole logs the soil stratigraphy has been deter-
mined, see table 1. 

Table 1. Soil stratigraphy 

Top of 
layer 
[m NAP] 

Soil description Soil layer 

-7 à -14 SAND, clayey cover layer 
-14 à -20 SAND, (medium) dense 1st sand layer 
-33 à -39 CLAY, stiff deep clay 

layer 
-34 à -42 SAND, (medium) dense 2nd sand layer 
-60 Max. investigation depth  

The thickness of the deep clay layer varies 
strongly. At some locations the thickness is about 
4 m, but the layer was not encountered at some 
other locations. 

Classification tests, like grain size distribution 
(granular layers) and volumetric weight and wa-
ter content (cohesive layers) were performed on 
samples from the different soil layers. In order to 
determine the strength properties of the sand 
layer isotropically consolidated drained triaxial 
tests were performed on 9 samples. The samples 
were prepared in the laboratory at relative densi-

ties of 40%, 60% and 80%.  The in situ relative 
density was determined from the CPT s with the 
correlation deduced by Baldi [1], and turned out 
to be about 70% for the sand layers. The charac-
teristic strength properties were determined by 
statistical analyses of the results from the triaxial 
tests. For the friction angle of the sand below 
foundation level a representative value of 33°
was determined, which corresponded well with 
correlations between friction angle and cone re-
sistance as can be found e.g. in the Dutch Code 
[2].  

Since deformations of the deep clay layer 
were expected to have a relatively large influ-
ence on the superstructure, mainly oedometer 
tests have been performed on samples from the 
deep clay layer. From experience in the area, it 
was known that this layer is overconsolidated, 
which was confirmed by the CPT results. How-
ever, the overconsolidation ratio (OCR) could 
not be determined from the oedometer tests, most 
likely due to relaxation of the samples. Therefore 
the OCR has been determined from the following 
correlation with the cone resistance [1]: 
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In which: 
OCR =  overconsolidation ratio    [-] 
cu;oc = in situ (overconsolidated) undrained   
   shear strength        [kPa] 
cu;nc =  normally consolidated shear 
   strength          [kPa] 
qc =   cone resistance       [kPa] 

v =   vertical total stress      [kPa] 
v =   vertical effective stress    [kPa]

The calculated OCR corresponded well with 
experience from other projects in the area and 
geological information. 

The virgin stiffness and unloading/reloading 
stiffness was determined from the oedometer 
tests, which included an unloading/reloading 
step. The determination of these stiffness pa-
rameters from the laboratory tests was expected 
to be reliable, since these were determined be-



yond the preconsolidation stress, so relaxation 
effects are expected to be minimal. 

 Based on the soil investigation and labora-
tory tests, representative values for the soil stiff-
ness s were determined. An representative elas-
ticity modulus of about 40 MPa and 3.5 MPa was 
determined for respectively the 1st sand and deep 
clay layer. This is the stiffness at a reference ver-
tical effective stress of 100 kPa. For the stress-
stiffness relationship a power law was used, with 
a power 1.0 for sand and 0.8 for the stiff clay. 
For loading below the preconsolidation stress a 4 
times higher value was applied. 

3 ULTIMATE BEARING CAPACITY 

As stated before the foundations are effectively 
treated as shallow foundations. According to the 
Dutch Code [2] the bearing capacity of shallow 
foundations should always be determined for 
drained and, if applicable, also for undrained 
conditions. 

3.1 Drained bearing capacity 

The drained bearing capacity is determined ac-
cording to the conventional bearing capacity 
equation developed by Buisman, Caquot, Ter-
zaghi and Brinch Hansen, with additional factors 
to take the effect of the shape, load inclination 
and ground inclination into account [2]. Substan-
tial research has been done regarding the differ-
ent bearing capacity factors of this equation. 
Most discussion regards the bearing capacity fac-
tor  N . In several international codes and guide-
lines, like the Dutch Code [2], Eurocode 7 (EC7) 
[3] and American Association of State Highway 
and Transportation Officials (ASHTOO) [4], the 
factor N  is determined according to: 

)'tan()1(2 qNN  (2) 

In which: 
N  = bearing capacity factors for the influence of 
the self weight of the subsoil      [-] 
Nq = bearing capacity factor for the influence of 
a surcharge load adjacent to the footing   [-] 

' = effective angle of internal friction   [°] 

Results of recent studies indicate that the bear-
ing capacity factor N  given in these codes may 
be too optimistic. From numerical studies an al-
ternative bearing capacity factor has been deter-
mined [5]: 

5/22 )'tan()6/))'tan(3exp((N  (3) 

The calculation results obtained with this 
bearing capacity factor were verified with the 
software program LimitState:GEO. Since the re-
sults were comparable, it was decided to use 
equation (3) for the calculations of the bearing 
capacity for this project. This resulted in a 
+/- 15% lower ultimate bearing capacity com-
pared to the calculation for which N  was deter-
mined according to equation (2). 

For the determination of the bearing capacity 
a sensitivity calculation was performed. From 
this it could be concluded that the angle of inter-
nal friction and depth of embedment had a major 
impact on the calculated bearing capacity. Low-
ering the friction angle of the first sand layer 
with one degree or lowering the embedment 
depth with one meter reduced the bearing capac-
ity with respectively +/- 12 and 8%. This sensi-
tivity was considered for the determination of the 
characteristic parameter values. 

3.2 Undrained bearing capacity 

According to the Dutch Code [2] for 
undrained situation a punch  mechanism should 
be checked. Punch may occur if a cohesive layer 
is present within the influence depth. For this 
calculation the foundation load should be placed 
on top of the cohesive layer, taking into account 
a load distribution at an angle of 8° to the vertical 
direction. Furthermore, the cohesive layer is as-
sumed to be infinitely thick in [2]. 

For thin cohesive layers however, this ap-
proach is conservative as the slip circle cannot 
develop fully within the clay. This effect has 
been investigated by several researchers, see e.g. 
[6]. For a thin clay layer underlain by a much 
stronger sand layer this effect can be taken into 
account by adopting a higher bearing capacity 



factor if the thickness of the cohesive layer is 
smaller than half the foundation width: 

BHforN
BHforHBN

m

m
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In which: 
Nm = bearing capacity factor      [-] 
B =  width of the foundation      [m] 
H =  thickness of the cohesive layer    [m] 

The calculation results obtained with this 
bearing capacity factor were verified with 2D 
FEM calculations with the software program 
Plaxis. Since the results were comparable, it was 
decided to use equation (4) for the calculations of 
the bearing capacity for this project. Taking the 
influence of the limited thickness of the deep 
clay layer into account, a higher ultimate bearing 
capacity for this mechanism of +/- 50% com-
pared to the calculation according to the Dutch 
code [2]. 

4 DEFORMATION ANALYSIS 

4.1 General 

During the design process it was recognised that 
deformations of the foundation have a large in-
fluence on the design and construction of the su-
perstructure, especially for the mechanical and 
structural design. Due to the large ratio between 
the height of the pylons and the width of the 
foundation, a small rotation of the foundation 
base results in a large deflection of the pylons 
heads. This can have a large influence on the de-
sign of the superstructure. 

In order to determine safe tolerances which 
are taken into account by the other design disci-
plines, a thorough deformation analysis was per-
formed. 

4.2 Deterministic settlement analysis 

First step in the deformation analysis was to per-
form best estimate  deformation calculations. In 
the early design stages analytical 2D settlement 

calculations were performed. In the detail design 
phase additional 3D FEM calculations with the 
Hardening Soil Small Strain model were per-
formed. The software program Plaxis was used 
for these calculations. 

The foundation pressures for the main piers of 
the bridge are about 500 to 700 kPa. The calcu-
lated best estimate  settlements of the founda-
tion footings are about 10 to 25 cm. For the rota-
tions values in the order of magnitude of 1E-3 
were calculated. 

In general soil deformations are hard to pre-
dict accurately, since a lot of uncertainties are 
present. To get a better understanding regarding 
subsoil uncertainties, a sensitivity analysis was 
performed. The influence of variations in OCR, 
(virgin) stiffness and interpolation of the thick-
ness of the deep clay layer between the soil in-
vestigation points were considered. 
 From the sensitivity analysis it could be con-
cluded that the variation in calculated average 
settlement was about 25% for the different sub-
soil scenario s. Especially the uncertainty in 
OCR had a major impact on the calculated set-
tlements. The calculated variation in rotation was 
small, compared to the variation in average set-
tlement. 

4.3 Probabilistic settlement analysis 

Since the deformations of the foundation have a 
large influence on the superstructure a quantita-
tive risk analysis was performed. Therefore the 
probability of exceedance of a certain design ro-
tation which was taken into account for the su-
perstructure had to be determined. For this a 
probabilistic model was made. This model is de-
scribed in this paragraph and figure 2. 

4.3.1 Soil-structure interaction 
The foundation has been modelled as an infi-
nitely stiff foundation block, supported by linear 
elastic (stochastic) springs at a mutual distance 
of about 3 m. Since the foundation consists of a 
massive concrete block with a thickness of about 
20 m the assumption of a stiff foundation is rea-
sonable. 



Figure 2. Flow chart probabilistic settlement model 

For the PDF of the settlements a lognormal 
distribution was used. The standard deviation 
was determined on the assumption of 30% inac-
curacy of the settlement calculations. That is; 
there is a probability of about 5% that the settle-
ments will be 30% larger than the calculated av-
erage settlements. This a generally applied rule 
of thumb in the Netherlands and corresponds to a 
coefficient of variation of about 0.18. The ex-
pected value of the settlements were determined 
with an advanced 3D FEM model. 

The values of the soil springs are spatially 
correlated. This effect was captured by the use of 
an exponential spatial correlation function [7]: 

)/exp( cLd  (6) 

In which: 
 = correlation coefficient between the stiffness 

  of two springs         [-] 
d =  distance between two springs    [m] 
Lc =  horizontal correlation length    [m] 

 Since not enough data was available to deter-
mine the correlation length, a conservative esti-
mate was made based on values known from lit-
erature. The correlation length generally ranges 
between 20 and 100 m [8], [9], [10]. Due to the 
relatively heterogenic subsoil a value of 20 m 
was used. This also turned out to be a governing 
value for the calculated rotation. 

4.3.2 Monte Carlo simulation 
For the Monte Carlo simulation 1E6 simulations 
were performed. In this way probabilities as 
small as 1E-3 could be calculated with a relative 
error of about 5%, which was acceptable for this 
study. 

For every simulation a set of spring values 
was generated. With the soil-structure interaction 
model the equilibrium rotation and (average) set-
tlement was calculated for every set of springs. 
The probability of exceedance for a certain rota-
tion can be estimated by: 

nnP /)( )(  (7) 

In which: 
P( > ) = exceedance probability of 

rotation          [-] 
n( > ) =  number of simulations for which the 

 calculated rotation is larger than the 
 reference  rotation      [-] 

n =   total number of simulations   [-] 

4.3.3 Results 
The result of the analysis is presented in figure 2. 
 The results for pier 30 and 50 are almost equal 
because the calculated deformations with the 
FEM model are also almost equal for these piers. 
From figure 2 it can be seen that larger average 
settlements result in larger rotations (compare the 
results of pier 30 or 50 with pier 40), which is 
reasonable. 

Step 4: 
Create n correlated realisations of a set 

of spring values 

Step 5: 
Determine for every set of spring val-

ues the rotation of the foundation block 

Step 6: 
Estimate the probability of exceedance 

of a certain rotation 

Monte Carlo 
simulation 

Step 1: 
Create a model for the soil-structure 

interaction. In this case: infinitely stiff 
foundation block, supported by linear 

elastic (stochastic) springs 

Soil-
structure in-
teraction
model 

Step 2: 
Determine expected value of the set-

tlements under the foundation surface 
with an advanced 3D FEM model 

Step 3: 
Determine the parameters for the PDF 

of the settlements and corresponding 
spring values for the soil-structure model

Geotechnical 
input 



Figure 2. Results Probabilistic deformation analysis. Note 
that the results for P30 and P50 are almost equal 

Based on the calculated probability of ex-
ceedance of a certain rotation, safe boundary 
conditions for the other design disciplines could 
be determined. During construction the deforma-
tions will be monitored and control measures can 
be applied if necessary. The monitoring and con-
trol measures are not discussed in this paper, 
since the construction of the piers is not started 
yet. 

CONCLUSIONS 

The following conclusions for the geotechnical 
design of the main piers of the new Botlek bridge 
can be drawn: 

For this project the preconsolidation stress 
of the deep clay layer could not be repro-
duced from laboratory tests, most likely 
due to relaxation of the samples. Correla-
tion with in-situ measured cone resistance 
however resulted in reasonable estimates 
for this important parameter, which corre-
sponded well with experience in the region 
and geological information. 
A lot of discussion regarding the bearing 
capacity factor N  has been found in litera-
ture. From the latest insights the factor pre-
sented in several international codes and 
guidelines may give too optimistic values 
for this parameter. 

According to the Dutch Code for undrained 
situation a punch  mechanism should be 
checked. In this calculation relatively thin 
cohesive layers below a granular top layer 
should be assumed to be infinitely thick. 
Taking into account the real thickness of 
the cohesive layer can be done relatively 
easy and results in more realistic values for 
the bearing capacity. 
Despite extensive soil investigation, labora-
tory tests and advanced soil models, predic-
tion of soil deformation behaviour is still 
known to be relatively uncertain. Quantita-
tive risk analysis can be a useful tool to 
deal with this uncertainty. In this case soil 
deformations had a major impact on a criti-
cal design aspect, that is the rotation of a 
large foundation footing. Use of a rather 
simple stochastic subsoil model made it 
possible to make a quantitative risk analy-
sis in order to deal with this uncertainty. 
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Lime-treatment of sand improved by bentonite 
addition 
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ABSTRACT 

Lime treatment is an efficient way to stabilize soils. Its efficiency lies in the low quantity of lime addition and the ecological ad-
vantage related to the use of the soil already in place without requiring soil replacement. Lime mostly reacts with the clay and 
silt fraction of the soil while it does not stabilize a pure sand for which cement treatment is often more adapted. However, the 
carbon equivalent of cement is higher and stabilization requires more quantity of cement than lime. It is believed that a very low 
clay content can be enough to drastically increase the properties of a sandy soil by lime treatment. Hence, adding a low quantity 
of clayey materials in addition to lime can make sand stabilization possible. In this context, this paper present the results of an 
experimental program carried out on different sand-bentonite mixtures treated with lime and then compacted under the optimum
Proctor conditions. Lime-treated soils have been compressed under uniaxial conditions at different curing times. The results
show that the unconfined compressive strength (UCS) of lime-treated soils is considerably increased because of a low content of
bentonite added in a pure sand. Also, beyond a given bentonite content, the soil strength starts decreasing when bentonite is fur-
ther added. This study shows that an optimum value of bentonite content that induces a maximum compressive strength can be 
obtained. However this optimum value of bentonite content seems to depend on the considered curing time. 

Keywords: Lime, Stabilization, Bentonite, Mixture 

1 Mir Amid Hashemi, Université Libre de Bruxelles, CP 194/2, 87, Av. Buyl, 1050 Bruxelles, Belgium 
mihashem@ulb.ac.be 

1 INTRODUCTION 

Clay soils can be stabilized by the addition of 
small percentages, by weight, of lime. Its effi-
ciency lies in the low quantity of lime addition 
and the related ecological advantage because it 
uses the soil already in place without requiring 

soil replacement. Lime treatment has its effect on 
soil at two different levels. First, lime reacts 
quickly with clay by modifying its structure. It 
allows the clay minerals to merge and form big-
ger aggregates (Little, 1995). The second effect 
is soil stabilization. Long term pozzolanic reac-
tions take place after soil modification (Eades, 
1962). CSH (Calcium Silicate Hydrate) and 
CAH (Calcium Aluminate Hydrate) formations 



from pozzolanic reactions improve the soil me-
chanical properties. In clayey soils treated with 
lime, the reaction takes place between the cal-
cium of the lime and the silicates and aluminates 
of the clay minerals. However, the reaction is 
slow because it requires the dissolution of clay 
minerals into silicium and aluminium ions. The 
dissolution is possible only at high alkaline solu-
tions (pH > 10) (Keller, 1964). Research on soil 
stabilization was active during the last decades. 
(Estéoule and Perret, 1979) and (De Bel, 2008) 
observed an increase on the unconfined compres-
sive strength (UCS) in phases as a function of 
time. Many important parameters influence soil 
stabilization, such as water content and dry den-
sity of soil (Locat et. al., 1990). Also, higher 
temperatures increase the speed of the reaction 
(Estéoule and Perret, 1979), (De Bel, 2008). 
Conversely organic matter decreases the effi-
ciency of lime (Locat et. al., 1990). In addition, 
the clay mineral type is an important parameter 
of soil stabilization (Bell, 1996). Montmorillo-
nite, for example, has a better efficiency for lime 
adsorption than kaolinite. Consequently, CEC 
value is an important factor to be considered. On 
the other hand, a major advantage of lime is that 
its production, compared to cement production, 
releases less carbon dioxide. Consequently, it be-
comes more ecologically-efficient to use lime for 
soil stabilization if time is not an important fac-
tor. However, sandy soils cannot be treated in the 
same way. These are usually treated with cement 
(NRS, 1969). 

The idea of the present study is to make lime 
stabilization possible with sand by adding clay 
minerals. This paper contributes to the under-
standing of the effect of a small amount of ben-
tonite on the efficiency of sandy soils treated 
with lime. In the present work, different propor-
tions of sand-bentonite mixtures have been stu-
died. Therefore, two series of tests have been 
carried out. The first series consist of investigat-
ing the properties of sand-bentonite mixtures at 
high bentonite content (HBC). Three different 
compositions have been chosen for unconfined 
compression tests: 30%, 45% and 60% bentonite 
mixed with 70%, 55% and 40% sand respective-
ly. A second series of tests have been carried out 
at lower bentonite contents (LBC): 5%, 10%, 

15% and 20% in weight of bentonite and respec-
tively 95%, 90%, 85%, 80% in weight of sand. 

2 METHODOLOGY 

2.1 Soil materials 

The sand used in the experience is homome-
tric with a D50 of 260μm (i.e. the particles have 
all more or less the same size). The reason for 
taking homometric sand is to have the simplest 
sand possible and the easiest to consider in sub-
sequent theoretical and numerical modeling. It 
corresponds to the skeleton of the mixture. The 
second part of the mixture is bentonite. This part 
stands for the clayey cohesive matrix that reacts 
with lime. Bentonite is taken because of its high 
reactivity with lime (principally montmorillo-
nite), its cheapness and its availability in the 
market. Since sodium bentonite is known to have 
a very high swelling index, calcium bentonite is 
thus chosen to avoid any excessive swelling 
upon wetting (7ml/2g). It has 65% of fine par-
ticles (< 2μm), 28% silt (2μm < D < 67μm) and 
7% sand (> 67μm).

2.2 Proctor Compaction (ASTM D-3668) 

In order to match in situ field conditions, 
tested samples should be prepared at 98.5% of 
the Normal Proctor Optimum (OPN) density. 
Consequently, a preliminary step before sample 
preparation is the determination of the Optimum 
Proctor Curve. The soil is mixed by hand with a 
precise lime quantity. The lime quantity has been 
calculated according to the Eades & Grim proce-
dure (ASTM D-6276) (Eades and Grim, 1966). It 
has been decided to add 1% lime for the LBC 
soils; 2% for the HBC soils and 3% for the pure 
bentonite. Distilled water is poured at different 
moisture contents. Finally, the wet soil is put in a 
plastic bag to mellow for 24 hours at 20°C. After 
24h, compaction takes place. The results give the 
Normal Proctor Optimum density and the Opti-
mum moisture content to use for the samples 
preparation. 



2.3 Unconfined compression test (ASTM D-
5102) 

Unconfined compression test allows measur-
ing both compression resistance and stiffness of 
the mixtures. Five samples of each composition 
and for each curing time have been prepared at 
98.5% OPN according to the same procedure as 
Proctor. Their dimensions are of 70mm length 
and 36mm diameter. In order to avoid any ex-
change with the outside, the sample is protected 
by a plastic film, an aluminum film and a layer 
of paraffin. The samples are then put at 20°C and 
stay for curing. Afterward, unconfined compres-
sion tests are performed to determine the force 
displacement curve and obtain the UCS. 

3 RESULTS 

3.1 Proctor Optima 

Based on (Kenney et. al., 1992), (Ferber, 2005), 
the studied mixtures of sand and bentonite have 
all a maximum optimum dry density at a known 
composition which is higher than the optimum 
dry density of sand and bentonite taken separate-
ly. Proctor tests for our compositions have also 
been carried out to point out this property for the 
lime treated mixtures. Results in Figure 1 shows 
that there exists a mixture with the highest Nor-
mal Proctor Optimum: the mixture with 10% 
bentonite. It reaches a density of 17.3kN/m³. Dry 
density reached from Proctor compaction of pure 
sand is of course higher than in the case of pure 
bentonite. However, the addition of a small 
amount of bentonite in pure sand enhances the 
obtained optimum dry density, because fine par-
ticles fill the macro voids between sand par-
ticles.

Figure 1. Normal Proctor Optimum of mixtures in function of 
their bentonite content 

However, if too much bentonite is added, clay 
starts to separate the sand particles from each 
other which progressively reduces the resulting 
dry density (cf. Figure 1). For similar sand-
bentonite mixtures, (Kenney et. al., 1992), (Siva-
pullaiah et. al., 1998) and (Ferber, 2005) ob-
tained a maximum dry density at around 20% of 
bentonite. In our case, the optimal bentonite con-
tent seems a bit lower. It may be explained by 
the fact that the soil is treated. So the treated clay 
aggregates fill more rapidly the voids hence they 
are larger. 

3.2 Unconfined compression tests for high 
bentonite content mixtures 

The UCS of HBC mixtures all treated with 2% of 
lime has been evaluated at different curing times: 
7, 14, 28, 56 days. An untreated mixture (re-
ferred as curing time 0) has also been tested for 
each composition. Figure 2 shows the UCS for 
HBC mixtures, in function of the curing time. 
The symbols show the exact value of each sam-
ple and the lines represent their mean value for 
each curing time. As expected, UCS increases 
with time. More striking is the fact that the mix-
ture at 30% bentonite is more resistant than the 
others. After 56 days, its UCS is 350% higher. 



3.3 Unconfined compression tests for low 
bentonite content mixtures 

Mixtures at LBC are also investigated. Fig. 3 
shows the evolution of the UCS of LBC mix-
tures. The composition with the highest UCS de-
pends on the curing time. At the beginning (i.e. 7 
to 14 days), the mixture with 20% of bentonite 
gives the best UCS but at 28 and 56 days, the 
mixture at 15% has the maximum value. Finally, 
after 112 days, the mixture of 10% overtakes all 
the previous mixtures and has the maximum 
UCS. All the LBC mixtures have been treated 
equally at 1% of lime as specified in the Eades & 
Grim test. As time goes by, the optimal composi-
tion goes further and further on the lower bento-
nite content mixtures. Figure 4 shows another 
view of this phenomenon. The optimum mixture 
at 7 days is at 20% but at 56 days, the optimum 
at 1% lime is at 15%. It is also shown in Figure 4 
that after 7 days (short period of curing time), 
both 1% lime and 2% lime curves are linked to 
one continuous curve. Thus, at short time period, 
the UCS values for all 6 mixtures follow one 
curve because the lime content added has been 
calculated following the Eades & Grim proce-
dure which is consequently sufficient to stabilize 
the soil at short term. However, this continuity is 
broken at longer curing times (cf. Figure 4). A 
discontinuity is observed between the curves at 
1% and 2% of lime, which could indicate that the 
Eades & Grim procedure does not necessarily 
give the best results for soil stabilization. 

3.4 Lime consumption 

A complementary test, the Leduc Method 
(Perret, 1979), has also been carried out. The 
goal is to determine the lime consumption of the 
samples in function of curing time. The Fig. 5 
shows the amount of lime still left in the soil 
samples in function of curing time. The HBC 
mixtures have a higher value of lime availability 
because they have been treated with 2% lime as 
opposed to the LBC mixtures treated at 1% lime. 
These results show two different conclusions. 

First, in each two series (HBC & LBC), the 
lime consumption of the highest bentonite con-
tent decreases more rapidly than the two others. 
The mixture at 60% bentonite has reacted more 

quickly with lime than the mixture at 45% and 
30%. For the LBC the results show the same 
property. The mixture at 20% bentonite con-
sumes the lime faster than the mixtures at 15% 
and 10%. The lime reacts faster in an environ-
ment containing more bentonite. 

Second, for LBC, the UCS of the mixture at 
10% continues to increase at long curing time 
whereas the other mixtures reach a constant val-
ue (Fig. 3). This is consistent with the lime con-
sumption (Fig. 5). The decrease of lime content 
is important for the 10% bentonite mixture be-
tween 28 and 112 days. On the other hand, for 
the two other mixtures, the lime consumption 
seems to have stabilized after 56 days. The quan-
tity of lime has thus not been sufficient for mix-
tures at 15% and 20% bentonite. Both UCS sta-
bilization for mixtures at 15% and 20% of 
bentonite after 56 days and UCS increase at HBC 
at 56 days show that if the 15% and 20% bento-
nite mixtures have been treated with more lime, 
their UCS would be increased. 

Figure 2. Compression resistance of the mixtures at 30%, 
45% and 60% cured with 2% lime 

Figure 3. Compression resistance of the mixtures at 5%, 10%, 
15% and 20% cured with 1% lime 



Figure 4. UCS in function of the bentonite content for two 
curing times 

Figure 5. Lime consumption of all the mixtures in function of 
curing time 

3.5 Temperature effect 

Unconfined compression tests for lower bento-
nite contents (such as 5%, 10%, 15% and 20% 
bentonite) show interesting results of optimum 
displacement in terms of bentonite contents as a 
function of the curing time. However, to have a 
more rapid and quicker result, and also to inves-
tigate temperature effects, unconfined compres-
sion tests have also been carried out for low ben-
tonite contents at 50°C for 7 days and 14 days 
curing time as shown in Figure 6. 

Figure 6. UCS of low bentonite mixtures at 50°C 

Apart from the one at 10% bentonite, the mix-
tures treated at 50°C have already reached their 
maximal compression resistance after 7 days. At 
14 days curing time, the compression resistance 
for these mixtures still stays the same. However, 
the mixture at 10% bentonite still evolves after 7 
days. Consequently, for the mixtures at 15% and 
20% bentonite, all the lime reacted with the soil 
before 7 days. On the other hand, in the mixture 
at 10% bentonite, the lime still has an ongoing 
reaction. Finally, Figure 6 shows a maximum 
value of compression resistance after 14 days at 
50°C for the mixture at 10% bentonite. Further 
studies and investigations are being done to ex-
amine curing time periods at high temperatures 
shorter than 7 days. One of the advantages with 
high temperature is that the results come much 
quicker than the tests done in common room 
temperature curing times but the results should 
be taken with extreme caution if comparison has 
to be done with soil treatment at 20°C since reac-
tion types may change between such different 
temperatures. ASTM 5102 indeed notes that 
temperatures higher than 49°C should normally 
be avoided and the use of a curing temperature of 
40°C does not cause any significant additional 
pozzolanic reactions. Consequently, in order to 
obtain quicker results, accelerated curing times at 
a temperature of 38°C recommended in (Mooney 
and Toohey, 2010) can be considered. 

4 DISCUSSION & FURTHER STUDY 

Reaction between lime and bentonite depends 
on both quantities in the mixture. If too few 
quantity of lime is added the reaction premature-
ly stops. For example, the reaction of 1% lime 
with 20% bentonite and 80% sand gives a final 
UCS of approx. 600kPa but a treatment with 2% 
lime on the 30% bentonite – 70% sand mixture 
presents an UCS of 850kPa after 56 days and 
continues to higher values. This leads us to ask 
which optimal quantity of lime is then needed to 
fully react with the bentonite in the mixture. This 
answer needs to first measure the maximum UCS 
value that can reach the lime treated mixture at 
“infinite time”. The idea is then to use accele-



rated curing times at 38°C so the maximum value 
is reached much faster than 20°C treatment. 

5 CONCLUSION 

Sand takes an important part in the process of 
soil stabilization even if it does not directly react 
with lime. A soil having an important part of 
clay does not necessarily behave better than a 
more sandy soil when treated with lime. This in-
teresting phenomenon gives us a reason to inves-
tigate further in detail the interaction between 
lime treatment and sand. This paper shows that 
lime treated bentonite behaves like a binder be-
tween sand particles. In the first step, three com-
positions have been studied showing that the one 
with the lowest bentonite content is the most re-
sistant. This observation led us to investigate 
lower bentonite contents to find at which mixture 
composition this UCS is optimal. The results 
show that the optimal mixture is not the same in 
function of curing time. At shorter curing times, 
the mixture at 20% bentonite has the highest 
UCS, but as curing gets longer, the optimum ap-
pears for lower bentonite contents until it arrives 
at 10% bentonite after 112 days. There are two 
reasons for this to happen. First, it appeared that 
the mixture with the highest bentonite content 
reacts the most rapidly. And second, the amount 
of lime added in the soil has been taken as the 
same for the LBC mixtures and is insufficient for 
an optimal UCS increase in the case of higher 
bentonite contents. The evolution of this UCS 
increase is consequently stabilized too prema-
turely for mixtures at 15% and 20% bentonite. 
The next step of this research is to calculate the 
maximum UCS at “infinite” curing time (when 
no reactives are anymore present). For this, acce-
lerated curing times at the temperature of 38°C 
are being taken into account. 
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Influence of gravel density in clay reinforced with 
stone columns. Laboratory study 
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ABSTRACT

Small scale tests were performed in the laboratory to study the influence of the density of columns in the deformation and radial 
consolidation around end-bearing columns installed in soft soils. For this purpose, the behavior of a horizontal slice of a repre-
sentative unit cell formed by the column and the surrounding soil was analyzed. Two column densities were tested, with a rela-
tive density of Dr =100% [1] and Dr=30%. Gravel was used for the central column and kaolin clay for the natural soil. Some in-
teresting results are the vertical strain reduction of approximately 15% for columns with Dr =30% and 25% for columns with 
100%, and the stress concentration factor between 4 and 15 for Dr=100% and 3-7 for Dr =30%. The experimental results have 
been compared with some of the theoretical solutions more used in the study of stone columns behavior.  

Keywords: Stone column, settlement reduction, unit cell, stress concentration factor, area replacement ratio 
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1 INTRODUCTION 

Stone columns are one of the most employed 
techniques for reinforcing soft soils under struc-
tures foundations or embankments. Vertical 
drains, pre-loading and injections are also fre-
quently used in Spain. The stone columns are cy-
lindrical gravel inclusions in the natural soft 
soils, usually installed in a uniform grid pattern 
by vibro-replacement or vibro-desplacement. 
Their main effects are: improvement of soil 
strength, reduction of settlements, acceleration of 
consolidation, reduction of potential of liquefac-
tion, and increase of embankments stability. 
The behavior of soft soils reinforced with stone 
columns can be analyzed by some developed so-
lutions, [2,3,4,5]. The semi-empirical-method in 

[6] is one of the most used methods in the study 
of settlements reduction. 

This paper presents a laboratory study of de-
formation and radial consolidation around end-
bearing stone columns under distributed vertical 
load. Under these conditions the unit cell simpli-
fication is widely employed, considering a cylin-
der of soil with a single stone column. Regarding 
the consolidation decoupling method proposed in 
[7], may permit the study of only radial drainage. 
Therefore, the study can be reduced to a horizon-
tal slice that is representative of the unit cell at 
any depth.  

The small scale tests were carried out in a 
Rowe-Barden cell, instrumented to measure pore 
pressures and vertical stresses at different dis-
tances from the center. The main focus is the 



study of radial consolidation, settlements and 
stress distribution between columns and soil.                                                                                  

2 TESTING PROGRAMME  

In practice, column diameters (dc) are between 
0.8 and 1.2 m and the effective diameter of the 
zone influenced by a column (de) is in the range 
of 1.5 to 4.5 m. Therefore, the typical diameter 
ratios N= de /dc vary between 1.5 and 5. 

The tests carried out in this research project 
are similar to those performed before by the 
same research group, and presented in [1]. 
Therefore the test procedure, materials and the 
equipment are nearly identical, however with the 
addition of some improvements. 

As described above, the model represents one 
horizontal slice of a unit cell with pure radial 
drainage and with rigid vertical load applied. The 
boundary conditions are as follows: i) impervi-
ous and rigid base and outer wall, ii) impervious 
and rigid top surface, iii) free draining column 
and iv) impervious and rigid top plate. 

2.1 Equipment 

Model tests were performed in a Rowe- 
Barden cell 254 mm in diameter and 146 mm in 
height, which provides the previously described 
conditions. Therefore the effective diameter of 
the sample is fixed to de= 254 mm. Considering 
the above range values of spacing in real treat-
ments, the horizontal scale factor in the tests is 
approximately 1/10. The study has been done for 
two different geometries, diameter ratios of N=3
(dc=63.5 mm) and N=4 (dc=84.65 mm), which 
correspond to area replacement ratios (ar) of 
11.11% and 6.25% respectively.  

The Rowe-Barden cell was instrumented to 
measure pore pressure and total vertical stresses 
at different points under the soil, and total verti-
cal stresses under the column. The distribution of 
the transducers in the base of the Rowe-Barden 
was designed according to both test geometries 
N=3 and N=4.

Pore pressure is recorded by transducers 
(PPT) located at the base of the cell at different 
distances from the center r=37, 41, 46, 58, 76 

and 115 mm for N= 4 tests and r=49, 53, 58, 69, 
84.5 and 115 mm for N=3 tests. Porous bronze 
discs were settled at the points of measurements 
and connected to a hole in the base that ends in 
its lateral wall where the PPT with a de-airing 
box was installed. 

Total stress transducers were installed in the 
base at the points of measurement. Both, column 
and soil transducers are 8 mm diameter but their 
measurement range is different: soil’s transduc-
ers are in the range 0 to 10 bars whereas those 
for the column are in 0 to 50 bars. Three total 
stress transducers were placed under the column 
at 22.5 mm of the center of the cell. All this in-
strumentation can be seen in Figure 1.  

Vertical displacement was measured using a 
LVDT (linear variable differential transformer) 
located on the top of the rigid plate. 

Figure 1. Instrumentation on the base of the Rowe- Barden 
cell. 

2.2 Materials 

Kaolin was used to represent the soft clayed soil. 
The properties obtained from an oedometric test 
and various consolidated-undrained triaxial tests 
are presented in Table 1.  
Table 1. Properties of Kaolin 
Parameter Value 
Liquid Limit (%) 73 
Plastic Limit (%) 38 
cv (cm2/s)
Compression index, Cc
Swelling index, Cs

Angle of internal friction, (°)

2.5* 10-3

0.53 
0.10 
26.5 



Gravel with a uniform particle size distribu-
tion between 4 and 5 mm was used for the stone 
column. Two different gravel densities were em-
ployed in order to study its influence in the 
treatment of soft soils. In a previous research [1] 
a first set of trials was performed with a density 
of  =16.5 kN/m3 that is similar to that employed 
in a real treatment. In the present research the 
maximum and minimum density of the gravel 
were obtained following the ASTM normative 
and giving  =16.5 kN/m3 and  =11.11 kN/m3

respectively. Finally, a density of  =14 kN/m3

was chosen for this new analysis in order to 
compare the results with those obtained in the 
previous research with  =16.5 kN/m3. This new 
density corresponds to a relative density of Dr=
30% whereas the previous one was nearly 100%. 
Conventional drained triaxial tests were per-
formed to obtain gravel properties in samples 
with  =14 kN/m3, as well as it was done for 
=16.5 kN/m3. These tests are not considered ap-
propriate for defining the Young modulus of the 
gravel because the condition of constant horizon-
tal pressure is not representative of the real situa-
tion in the column. So that, two tests with zero 
lateral strain K0 were performed to obtain the 
gravel’s oedometric modulus. The gravel’s angle 
of internal friction, angle of dilatancy and oe-
dometric modulus are shown in Table 2. 
Table 2. Properties of the gravel  

(°) (°) Em (kPa)
Dr=100% 46 10 39000 
Dr =30% 42 0 16000 

2.3 Sample preparation 

Sample preparation consists of obtaining kao-
lin consolidated at 100 kPa. This process begins 
with the mixture of kaolin powder with a content 
of water of 1.5 times its liquid limit to ensure a 
homogeneous structure. This slurry is poured in-
to the Rowe-Barden cell, whose lateral contour 
was previously smeared with grease to reduce 
the friction between the soil and the cell. The 
first step of consolidation, up to 50 kPa with 
large volume changes, is given by means of dead 
weights with no precise control of vertical strain. 
After this initial consolidation, the cell is con-
nected to a hydraulic pressure system and the soil 

is consolidated under a vertical pressure of 
100kPa.  

2.4 Column installation 

Frozen stone columns were used in the tests. 
This method of column installation does not rep-
resent the field column installation; nevertheless 
it allows the control of the gravel density. 

First, the gravel is merely poured into the 
mould to achieve the density  =14 kN/m3, and 
then it is frozen at -20ºC. Once the Kaolin is con-
solidated under 100 kPa, an open-ended steel 
tube is inserted into the middle of the kaolin 
sample, assisted with a vertical metallic jack. 
The soil inside the tube is extracted, and the hole 
is carefully cleaned. Once the tube is removed a 
sand layer of 4 mm and a perforated steel plate 
are placed to avoid direct contact between the 
gravel and the transducers. The frozen column is 
placed in the pre-bored whole and left to thaw 
for 3 hours. An impervious rigid plate is placed 
on the top of the sample surface. The sample is 
reconnected to the hydraulic pressure system and 
consolidated under a load of 100 kPa. Once the 
sample is consolidated its length is comprised 
between 65 and 75 mm.  

2.5 Testing procedure 

The tests consist of five steps of equal stress in-
crements of 100 kPa. In each step, the load is ap-
plied and drainage is not allowed until the incre-
ment of pore pressure reaches the same value as 
the load increment applied. Then, the drainage is 
allowed and radial consolidation occurs for 24 
hours. This proceeding is employed to capture 
the initial stages of the consolidation. To avoid 
problems with the air inside the sample a back 
pressure of 300 kPa is applied in the whole pro-
cess. This pressure has been subtracted from all 
the results presented in this paper. 

A total of 7 tests were performed with Dr=
30%: three of them with N=4 (numbered 6N4 to 
8N4) and four with N=3 (numbered 5N3 to 8N3). 
The results of these tests are compared with the 
previous tests with Dr=100% [1], numbered 1N4 
to 5N4 and 1N3 to 4N3. 



Figure 2. Column-soil sample after being tested 

3 RESULTS  

Pore pressure, vertical stresses and vertical strain 
were recorded during the five load steps of each 
test. Results has been obtained in terms of: i) 
pore pressure dissipation, ii) vertical stresses on 
the soil and column, and iii) vertical strain reduc-
tion. Nevertheless, in this paper results in vertical 
stresses for geometry N=4 and vertical strains for 
both geometries will be exclusively presented. 

3.1 Vertical stresses 

Vertical stresses on the soil and the column are 
given in Figure 3 and Figure 4 for the 200 to 300 
kPa step of test 7N4. Upon application of the un-
drained load increment, there is an instantaneous 
increase of stresses on the soil and column. With 
the drainage closed there is a slight progressive 
increase in the soil load. This behavior of the soil 
is accomplished with a decrease in the stresses 
on the column, consistent with the condition of 
equilibrium under constant load. After opening 
the drainage, the stresses near the column de-
crease, reach a minimum, and then increase to-
wards the final value. At greater distances from 
the column, the stresses show a monotonic de-
crease with time, reaching the same final value. 
Those behaviors are consistent with the consoli-
dation theory were the closest points consolidat-
ed faster, and also, a decrease of vertical stress is 
required to maintain the condition of equal verti-
cal strain. The stresses measured close to the 

outer wall are clearly influenced by wall friction 
with a lower final value (Figure 3).  
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Figure 3. Vertical stresses on the soil at 200-300 kPa load 
step in 7N4 test 
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Figure 4. Vertical stresses on the column 200-300 kPa in 7N4 
test.

Vertical stresses at the end of each load step in 
N=4 tests are shown in Table 3 for Dr=30% and 
in Table 4 for Dr=100%. Vertical stresses on the 
column ( vs) are smaller for Dr=30% tests, which 
is in agreement with the lower column stiffness. 
Therefore, the stresses on the soil ( vc) are greater 
in these tests as the soil has to support a higher 
portion of the load increment.  

Table 3. Colum/soil stiffness ratio for different stresses 
reached on the soil. Test with Dr=30%.
Stress (kPa) vc (kPa) vs (kPa) Es (kPa) Emc /Es

100-200 640-921 69-170 825 20 
200-300 921-1415 170-254 1329 12 
300-400 1415-1938 245-315 1799 9 
400-500 1938-2145 315-387 2277 7 
500-600 2145-2403 387-461 2743 6 



Table 4. Colum/soil stiffness ratio for different stresses 
reached on the soil. Test with Dr=100%
Stress (kPa) vc (kPa) vs (kPa) Es (kPa) Ec / Es

100-200 1180-218 32-140 633 47 
200-300 1640-2775 115-210 1190 25 
300-400 1950-3140 185-280 1712 14 
400-500 2250-3500 255-350 2256 13 
500-600 2490-3865 320-420 2760 11 

The stress concentration factor (SCF= vc / vs)
at the end of each load step has been calculated. 
The vertical stress under the column is consid-
ered the direct average of measurement in the 
three transducers under the column, and the ver-
tical stress on the soil as the weighted average of 
the transducers considering the influence area of 
each one. The SCF values are presented in Table 
5 for both densities and only for the geometry 
N=4.

Table 5. Incremental  SCF at the end of each load step. 
=16.5kN/m3 =14kN/m3

Stress (kPa) N4 SCF N4 SCF 
100-200 14.80 6.59 
200-300 8.00 6.99 
300-400 6.83 5.76 
400-500 5.82 3.50 
500-600 4.25 3.90 

The range of SCF values is 4-15 for Dr = 
100% tests and 4-7 for Dr = 30% tests. Neglect-
ing the results for the first step, when the soil is 
overconsolidated, it can be observed that SCF
decreases with the applied vertical stress in both 
densities. This tendency can be attributed to the 
decrease in the stiffness ratio between the col-
umn and the soil due to the increase of kaolin 
modulus with pressure (Table 3 for Dr=30% and 
Table 4 for Dr=100%). Moreover, results for the 
first step show a SCF value about two times 
greater for dense column tests than for the loose 
column ones. Nevertheless, this difference tends 
to decrease with the applied vertical stress, 
reaching a similar value in the last load step. This 
could be attributed to the similar variation in the 
stiffness ratio between column and soil for each 
density (Table 3 and Table 4). 

In both cases, SCF values are below those 
predicted by the simple oedometic approach, 
where they are equal to the ratio of oedometric 
modulus of column relative to that of the soil 
(10-25 in Dr=100% and 12 to 6 in Dr=30%). 

The values of SCF are also lower than those pre-
dicted in [2] with an elastic solution, what shows 
that column yielding occurs.  

3.2 Settlements 

Vertical strains were obtained from the LVDT 
readings. In the results presented next, these 
strains were calculated in reference to the height 
of the sample once it is consolidated under 
100kPa. 

The reduction in vertical strain of the clay re-
inforced with stone columns is usually expressed 
as the ratio of vertical strains in test with col-
umns ( v) to vertical strain with non-columns 
( v0), under the same load, named strain reduc-
tion factor ( = v/ v0). This reduction exists be-
cause columns are stiffer than soil, which leads 
to a reduction of vertical strains. Results for both 
geometries and Dr=100% are presented in Table 
6 and results for tests with Dr=30% are given in 
Table 7. They show that the strain reduction in 
tests with geometry N=4 and with Dr =100% is 
about 30% and for those with Dr =30% is re-
duced to 15%. These results are in concordance 
with the column stiffness.  

In the same way tests with the dense column 
and geometry N=3 shown a reduction close to 
35% and those with loose gravel column gives a 
reduction about 30%. 

Table 6. Reduction in vertical strain in  =16.5kN/m3 tests. 
1N4 2N4 3N4 4N4 1N3 2N3 3N3
0.71 0.74 0.72 0.78 0.66 0.64 0.65 

Table 7. . Reduction in vertical strain in  =14kN/m3 tests 
6N4 7N4 8N4 5N3 6N3 7N3 8N3
----- 0.84 0.84 ----- 0.73 ------ 0.71 

The reduction of vertical strain is compared in 
Figure 5 with the semi-empirical method in [6] 
and with the elastic solution given in [2]. A fric-
tion angle of 42º was chosen for the gravel ac-
cording to triaxial test carried out on loose gravel 
samples. The strain reduction obtained with the 
elastic solution is related to a column-soil stiff-
ness ratio of 5, 10 and 20 covering the ranges ob-
tained in the tests.  
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Figure 5. Comparation of the strain reduction factor obtained 
in the tests with Priebe and Balaam and Booker solution. 

A significant difference between the elastic 
solution and the test results is observed. This is 
due to the fact that the column’s plasticity is not 
taken into account in the theoretical solutions. 
Therefore an overestimation is obtained. 

4 CONCLUSION 

This paper provides an analysis of the behaviour 
of one soft clay sample reinforced with a stone 
column. Two different relative densities of the 
gravel and two different column diameters have 
been analyzed. Tests were performed in a Rowe-
Barden oedometric cell. 

Vertical stresses on the soil are higher for 
Dr=30% tests than for Dr=100% ones, which is 
in agreement with the stiffness ratio between the 
column and soil in each density. The opposite re-
sult was obtained for vertical stresses on the col-
umn. The stress concentration factor obtained is 
in the range of 15 to 4, which is far from those 
predicted by elastic solutions. Plastic strains of 
the column could be responsible for these differ-
ences [3]. 

The vertical strain results show that vertical 
compressibility is reduced to approximately 85% 
for Dr=30% and 75% for Dr=100% in tests with 
geometry N=4.  These results show a reduction 

of settlements around 10% when the column rel-
ative density increases from 30% to 100%. In 
tests with geometry N=3 the reduction is about 
70% and 65% for Dr=30% and Dr= 100% re-
spectively. This reduction results in a decrease of 
the vertical strain of approximately 10% more 
when the replacement area increases from 6.25 to 
11.11%. 
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Chemically enhanced drainage of clayey soils by 
means of guanidinium solutions: Experimental 

testing and numerical modeling 
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ABSTRACT 

Seepage of groundwater in creeping landslides is a key parameter for the creep velocity. Drainage is one of the measures to in-
crease the stability. The in-situ creation of zones of higher permeability as part of a drainage system with increased operating life
has a high potential in commercial application. 
Permeability tests were performed to investigate the effect of an environmentally compatible organic salt on the hydraulic con-
ductivity of water through smectite bearing clays. The modification by the chemical was found to be persistent due to a strong 
ion-exchange reaction. Oedometer test and pore size measurements have shown that the newly formed soil structure was stable
also under high compressive stresses. 
The evolution of the permeable zone during injection of the modified pore fluid was modeled by coupling the chemical process-
es with the hydro-mechanical behavior of the soil on a micromechanical level. Boundary value problems of the evolving perme-
able zone during chemical treatment of the soil were solved with a commercial numerical code (COMSOL). The obtained results 
were compared with available solutions for special cases, such as the non-reactive radial dispersion problem. 

Keywords: ground improvement, permeability, chemical-hydraulic coupling. 
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1 INTRODUCTION 

Seepage of groundwater in creeping landslides is 
a key parameter for the creep velocity. A reduc-
tion of the water table by means of drainage 
could increase the overall safety critical slopes. 
Conventional drainages systems based on drain-
age pipes are prone to failure due to the ongoing 
deformation in such unstable slopes. Additional-
ly, the installation of such systems includes tem-
porarily destabilizing interventions and can be-
come critical when the slopes are close to failure. 
The development of alternative drainage tech-
niques with increased operating life in creeping 

landslides has therefore a high potential in com-
mercial application. 

The hydraulic conductivity is one of the soil 
properties highly influenced by chemicals in the 
pore solution. Large increase can be observed, 
when fine grained soil is permeated with organic 
liquids or salt solutions [1]. This has so far been 
encountered as a negative effect on the perfor-
mance of hydraulic barriers but has not been 
adopted in a positive sense to transform soil lo-
cally into high permeable zones acting as drain-
age conduits. 

The hydration of cations in the interlayer of 
smectites causes inner-crystalline swelling. The 



formation of water shells around these cations 
depends on the cation itself and on the water 
content of the clay [2]. The intercalation of or-
ganic molecules in the interlayer as well as the 
exchange with very strong bonding cations can 
make these modified clay minerals hydrophobic 
and decreases or even inhibits the water uptake 
in the interlayer [3]. 

For fine grained soils, both theoretical and ex-
perimental studies have pointed out a high de-
pendency of permeability on the pore fluid. Ma-
jor influence factors are the type of liquid 
(mainly via its dielectric constant), type of dis-
solved salts and ionic strength of the solutes (e.g. 
[4], [1]). These studies were often carried out in 
the context of hydraulic barrier design and con-
tainment of nuclear wastes, where the reduction 
was an unintended and dangerous effect caused 
by contaminants and leachates. 

Mineralogical investigations indicated that 
guanidinium cations affect directly the interlayer 
distance of the stacked sheet-silicate structure of 
montmorillonite [5]. This strongly binding cation 
is therefore chosen as a possible chemical agent 
to increase permeability by inhibition of interlay-
er swelling.  

Modeling of advective flow with a dynamic 
permeability field was initially performed with 
discrete interface penetration models [6]. Consti-
tutive modeling of the reasons for the increase of 
permeability on a micro structural level of the 
pore system was proposed by [7] and imple-
mented in a coupled one-dimensional transport 
equation of the chemical [8]. Numerical solu-
tions were obtained using finite difference for-
mulations. 

With the goal of purposely creating zones of 
higher permeability in-situ as part of a drainage 
system, this paper focuses on the fundamental 
aspects required in the development of this soil 
improvement technique. Enhancing soil permea-
bility with chemicals may be accompanied with 
unexpected side effects such as a deterioration of 
stiffness and strength. In field applications such 
mechanical consequences could result in large 
deformation or failure. The effects on other geo-
technical parameters than hydraulic conductivity 
therefore need to be addressed as well. 

In order to upscale the laboratory findings to 
field conditions numerical modeling of the ob-
served phenomena will play a significant role. In 
this study preliminary simulations are performed 
with a commercial FEM-code to tests its suitabil-
ity of modeling the observed phenomena. 

2 MATERIALS AND METHODS 

In order to assess the mechanisms behind the in-
crease in permeability caused by guanidinium, 
experiments on three different scales were per-
formed. Mineralogical analyses were carried out 
to quantify the reaction of the chemical with the 
clay phase. A closer look on the resulting chang-
es on particle and aggregate scale was taken, to 
understand the changes in soil fabric and struc-
ture. The macroscopic stability of the new fea-
tures was determined in standard geotechnical 
tests with the aim of retrieving proper input pa-
rameters for the subsequent numerical modeling. 

2.1 Material 

The laboratory tests were carried out on soil 
samples reconstituted with commercially availa-
ble, standardized constituents. A commercial 
Ca-bentonite (Calcigel®, Südchemie, Germany) 
with a total montmorillonite content of 65% was 
used as fine grained component. Other occurring 
mineral phases in this bentonite were quartz, 
feldspar, kaolinite and mica. During the miner-
alogical analyses a well-studied Na-Bentonite 
(MX-80, Amcol, USA) was used for comparison 
as well. Where appropriate the bentonites were 
stretched with rounded inert quartz grains 
(washed Perth sand, d50 = 0.24 mm, Cook Indus-
trial Minerals, Australia). 

The pore water of the reconstituted samples 
was prepared with a 0.01 mol/L CaCl2 solution 
as standardized groundwater equivalent. 

Guanidine solutions were prepared from ana-
lytical grade guanidinium hydrochloride salt 
(C(NH2)3Cl, 99%, Fluka Analytical) and de-
mineralized water. 



2.2 Adsorption measurements 

Sorption of guanidinium ions on clay surfaces 
was determined by batch adsorption measure-
ments. Soil samples were suspended in guanidine 
solutions with different initial concentrations. 
Guanidine concentrations were measured in the 
supernatant after the reaction with the clay and 
compared with the initial concentration. The 
concentrations were determined with a fluores-
cent spectrometric method after [9]. The total ad-
sorbed amount of guanidine ions was compared 
with the cation exchange capacity of the clay 
measured with Copper-complex method by [10]. 

The hydration of the inner and outer crystal-
line clay surfaces was investigated based on the 
characteristic water vapor adsorption from at-
mospheres with constant relative humidity rang-
ing from 11% to 85% RH. Dry clay powder was 
thereby stored above saturated salt solutions at 
constant temperature until the sample weight was 
stationary. Both adsorption and desorption paths 
were measured. All adsorption data is expressed 
relative to dry weight of the soil at 120 °C. 

2.3 Investigations on particle scale 

Mercury intrusion porosimetry (MIP, PASCAL 
240/440, Porotec, Germany) on dry bentonite 
samples was used to quantify the alterations of 
the pores system due to guanidine treatment. 
Homo-ionic bentonites were produced by satura-
tion with 1.0 mol/L calcium and guanidinium so-
lutions, respectively. The resulting soils were 
washed with demineralized water to remove ex-
cess ions and to avoid their precipitation in the 
inter-particle pore space. Images of the particles 
and aggregates in this suspension were taken 
with a scanning electron microscope. Compacted 
soil samples were then reconstituted from the 
washed material at a water content slightly above 
to their liquid limit. Crack-free pieces of the 
slowly dried samples were subjected to vacuum 
evacuation for 2 h prior to mercury intrusion. 

2.4 Macroscopic tests 

Oedometric tests on compacted mixtures of ben-
tonite (40%) and quartz sand (60%) were carried 
out to assess both the increase in permeability 

and the effects on stiffness due to the chemical 
treatment. Samples were reconstituted with dif-
ferent chemical composition of the pore water - 
either artificial groundwater or guanidine solu-
tions - and subsequently tested according to the 
procedure given in ASTM D2435-04. 

The same mixtures were used in constant head 
permeameter tests, were the permeability was 
tested on both modified and unmodified soil. 
Additionally the temporal evolution of the aver-
age permeability was registered during flow-
through treatment starting with unmodified soil. 

2.5 Numerical modeling 

Two modules of the commercial finite element 
code COMSOL Multiphysics V. 4.2 were used to 
simulate the propagation of guanidinium and its 
permeability improvement in soil. 

The built in features for saturated flow in po-
rous media (Darcy s law ) and advective-
diffusive transport ( Species transport in porous 
media ) were coupled via a concentration de-
pendent hydraulic conductivity. One dimensional 
and radial symmetric transport of the chemical 
was considered. 

3 RESULTS AND DISCUSSION 

3.1 Mineralogical indications for the 
underlying chemical process 

Guanidine is adsorbed up to a certain saturation 
concentration (Figure 1). The well-fitting Lang-
muir sorption isotherm (R2=0.94) indicates a lim-
ited amount of adsorption sites with a saturation 
constant of 6.1 mg/g. Based on the cation ex-
change capacity of equivalently 7.4 mg/g it can 
be concluded, that more than 80% of the cations 
in the clay phase are readily exchanged by sim-
ple suspension in guanidine solutions. 

Smectite clays are generally capable of ad-
sorbing large amount of water from humid air 
due to interlayer hydration and capillary conden-
sation. The measured curves for the unmodified 
bentonites (Figure 2) are in good agreement with 
published data [11] and show the typical features 
such as the hysteresis upon desorption and step-



wise dehydration of sodium cations. Modified 
bentonites however are much less sensitive to air 
moisture and have reduced hysteresis during de-
sorption. 

Figure 1. Sorption of guanidinium ions. The dash dotted line 
indicates the theoretical maximum adsorption based on the 
cation exchange capacity. The Langmuir sorption isotherm 
(full line) with 95% confidence bands is shown for the best fit 
parameter. 

Figure 2. Influence of guanidine modification on water ad-
sorption of Ca-bentonite (square) and Na-bentonite (triangle). 
Natural clays (dotted lines) show a high sensitivity against 
relative humidity and a pronounced hysteresis. Both phenom-
ena are strongly reduced for the modified forms (full lines). 

3.2 Particles and pores 

During sample preparation of modified benton-
ites, a granular, non-plastic behaviour was ob-

served. Microscopic images (Figure 3) revealed 
that in suspension the clay fraction aggregated 
upon addition of guanidinium. 

Figure 3. SEM-Images of dried bentonite suspensions after 
washing with demineralized water. The exposure to guani-
dinium ions (right) lead to the formation aggregates, whereas 
the calcium form remains finely dispersed (left). 

Compacted samples were analysed with MIP 
in order to check whether these aggregates are 
capable of maintaining an open pore structure. 
Considerable changes in the pore system were 
detected. Even though the unmodified soil was 
prepared at a higher water content 
(wL,Ca = 102%) the modified bentonite 
(wL,Gnd = 64%) features a larger accessible pore 
volume (Figure 4). The largest contribution to 
the additional pore volume stems from pores 
with average radii of 1 μm. The total pore vol-
ume of these larger pores increases from 
42 mm3/g to 234 mm3/g. The volume in the 
smaller pore fraction (radius < 0.1μm) however 
is reduced from 62 mm3/g to 56 mm3/g. 

Figure 4. Cumulative pore size distribution of two bentonite 
samples measured with mercury intrusion porosimetry. 



3.3 Geotechnical parameters 

Oedometer tests on a triplicates series were 
analysed with respect to changes in stiffness. The 
difference between unmodified and natural soil 
was in the order of the standard deviation for ini-
tial loading as well as for unloading/reloading 
(Table 1). Additionally, the evaluation of the 
time-settlement curve based on the Terzaghi the-
ory for one dimensional consolidation provided 
hydraulic conductivities at different stress levels. 
Figure 5 clearly shows, that despite vertical 
stresses of up to 800 kPa, the increased permea-
bility is maintained also after compaction. 
Table 1. Stiffness parameters averaged over three samples 
and three load steps each. Standard deviation is given in pa-
renthesis. 

 Raw material Modified  
Compression index Cc 0.38 (0.04) 0.35 (0.02) 
Swelling index Cs 0.09 (0.03) 0.11 (0.03) 

By means of permeameter tests the magnitude 
of possible improvement in smectite soil was de-
termined. By mixing soils with guanidinium so-
lutions an increase of permeability by the factor 
30 was achieved (Figure 6). Even when unmodi-
fied samples were simply permeated with guani-
dinium solutions, the average hydraulic conduc-
tivity increased one order of magnitude. 

Figure 5. Decrease of hydraulic conductivity during sample 
compaction (including log-linear regression). For identical 
void ratio the modified soil is constantly one order of magni-
tude more permeable. 

Figure 6. Evolution of hydraulic conductivity during flow 
through treatment (dotted line). For comparison the data for 
raw material (dashed line) and reconstituted modified soil 
samples (full line) are given. 

3.4 Numerical modeling 

For practical application, we should be able to 
assess consequences of the installation of such 
drainage and its effectiveness. This requires ana-
lytical or numerical tools to simulate the chemi-
cal drainage phenomenon in real scale problems. 
Analytical solutions are only available for simple 
cases of stationary flow fields [12]. In order to 
simulate non-stationary flow fields during crea-
tion of the drain, the numerical code COMSOL 
was implemented. For stationary flow, numerical 
solutions are similar to those obtained with the 
analytical solution (Fig. 7). As is seen, for non-
stationary fields the difference in the results can-
not be ignored (circles vs. dashed line in Fig. 7). 

Figure 7. Break-through curves in a radial flow field with 
variable permeability. Lines are calculated with an analytical 
solution assuming constant permeability. Symbols represent 
the numerical data. 



In particular, when the analytical tools are used 
to predict the time required to form a drainage 
pipe of a certain size, this difference becomes 
significant. Figure 8 shows that the analytical so-
lutions lead to severe overestimation of this time, 
i.e. non-stationary flow improves the chemical 
drainage efficiency. 

Figure 8. Propagation of the chemical front around a cylin-
drical injection well. The numerical solution accounts for the 
accelerated flow due to improved permeability and provides a 
more accurate prediction than the analytical solutions with 
stationary flow. 

4 CONCLUSION 

Based on the experimental work on different 
scales the following conclusions could be drawn: 

The origin of the increase in permeability due 
to guanidinium ions lies in its fixation to the in-
ner and outer clay surfaces due to a cation ex-
change reaction. This fixation results in a strong 
inhibition of the water uptake into the interlayer 
space and an aggregation of the clay minerals. 

The aggregated, non-swelling particles pro-
vide an open pores system with pores of about 1 
μm. Upon wetting this pores are no longer filled 
with an expanding clay phase but kept open. The 
pore water remains available for circulation and 
is not bound as immobile interlayer water. The 
compression tests have shown that the structure 
is stable also under stresses up to 800 kPa. 

Despite these drastic changes on the micro-
structural level, the stiffness is not significantly 
affected by chemical treatment. A negative influ-
ence on this particular mechanical property can 
therefore be excluded. 

A simple numerical implementation of con-
centration dependent permeability into a com-

mercial FEM-code showed that the obtained re-
sults lie within limits given by analytical solu-
tions. Additional physical features such as the 
adsorption kinetics or coupled hydro-mechanics 
are readily available within this code and can be 
included for future extension of the model. 
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ABSTRACT 

This paper aims to deal with the investigations and monitoring of three landslides along Durres-Morin 
Motorway, in Albania. The objective of this investigation is to determine the causes of landslide, sta-
bility analysis of the slopes, physical and mechanical characteristics of soils and rock mass and stabili-
zation of the slop. This investigation includes accurate studies and works (field and laboratory works) 
to elaborate the geological maps 1:500 of the sliding areas. Based on works done we will explain the 
geological conditions based upon pre-existing investigations and new investigations made by us 
(A.L.T.E.A. & Geostudio 2000, Laboratory Testing for Construction Materials and Geotechnical 
Study). We will give information about: geology of the sliding areas, hydrogeology condition of the 
sliding areas and discontinuities in the direction of the slant and in the other directions. At the end of 
this paper we will give the conclusions and the recommendations for these slopes stability.  

Key words 
investigation, landslide, sliding area, geomorphology, hydrogeology, discontinuitie, inclinometer, 
displacament 

1.INTRODUCTION  

The landslides we have investigated are located 
in Durres-Morin Motorway. The first one is met 
near the bridge no.5, section 2 road Rreshen - 
Kolsh. The second one is met at km 10 + 
500,section 2 and the third one at  km 15 + 500, 
section 1, both of them also part of road Rreshen 

– Kolsh. Durres- Morin Motorway is one of the 
largest projects of Albanian infrastructure. For 
the first time in Albania we are monitoring the 
stability of the landslides and the zones where 
they are located. This is a long process, and we 
will keep monitoring until the zone and the 
landslide will reach its equilibrium. 



1.1 Purpose

The objective of these investigations is to deter-
mine the causes of landslide, stability analysis of 
the slopes, physical and mechanical characteris-
tics of soils and rock mass, stabilization of the 
slops and the monitoring until the landslides 
reach their equilibrium.  

2 CAUSES OF LANDSLIDES AND THE 
MORPHOLOGY OF DISCONTINUITIES 

2.1 Causes of landslides

The main causes of these landslides with big di-
mensions are a lot but we have noticed as more 
important the following: 
1. The most remarkable geological and geody-

namic features identified in the zones where 
the landslides are met are: erosion, weather-
ing and movement of soil masses down the 
ground slopes, tectonic fault, which have a 
direct and negative influence on the slope 
stability. 

2. The shakings created from the explosions 
with mine has broken the equilibrium and 
the block to be reactivated towards the river. 

3. The presence of the natural sources of the 
water.

2.2 The morphology of the discontinuities

From the measurements made the inclination an-
gle is 30-50o and helps a lot the movement. The 
faces of discontinuities are a little rough and do 
not create a lot of resistance on the cut 

2.3 The investigation of the landslides

The investigations of the landslides pass through 
the steps below: 

1. Geological survey. 
2.  Beoheloes and trial pits 
3.  Laboratory testing  
4. Interpretation results of reading 

inclinometers of landslide areaand 
periodical monitoring 

5. Conclusions 

2.4 The investigations near bridge no.5

2.4.1 Geological survey

During the geological survey we have noticed 
that the sliding area near bridge no.5 passes near 
the valley of the river Fani i Vogel. There is an 
intensive development of geodynamic phenome-
non. At the slide area near bridge no.5 are visible 
the erosion and weathering phenomenon, the 
movement of soils mass down the slope and the 
tectonic faults. In this region the intrusive basic 
rocks are present. There have been studied all 
joint and discontinuities, their density, direction, 
nature and the filling mater. Based on this results 
this is a landslide in the rock masses and is clas-
sified in class I (first) Slope with active 
landslide. The material is continually moving, is 
fresh formed and very well defined. From the 
measurements made the inclination is 40-45o and 
helps a lot the movement, they are filled with 
clay material. The faces of discontinuities are a 
little rough and do not create a lot of resistance 
on the cut. The shear strength along a joint is 
low.  

Figure 1. Photo from the landslide. 

2.4.2 Boreholes and trial pits

In the area where is located the landslide near 
bridge no.5 are made 8 drills to  instalate the 
inclinometers.The drills start from 0.00 to 50 
mWwe can obtain better results and can be more 
secure during the investigation and the 
monitoring of the landslide. 



Figure 2.Photo at the place where is done the borehole 

Figure 3.Photo of the borehole 

2.4.3 Laboratory testing     

We have done lots of laboratory works to 
deretmine the physical and mechanical 
characteristics of soils and rocks in the area of 
the landslide.We have devided the laboratory test 
into two groups: laboratory works for rocks and 
for soils. 

2.4.5 Interpretation results of reading inclinome-
ters of landslide area and periodical mon-
itoring

On the landside area near Bridge no.5 are in-
stalled 8 inclinometers. The main direction of the 
movement is East and North. During the process 
of construction of the piles of the bridge the in-
clinometers gave no measurements, because they 
are blocked in the depth at which the embank-
ment of the road begins. This happened because 
of the pressures created from the compression of 
the material of the embankment.During the 
meassures of BH-7 the readings taken at the 
moment of the rock block from the inclinometer 
BH-7 shows the movement of some sliding rock 
masses which is still occurring with intensity. 
These elements prove that an active movement 
of the upper part of the road escarpment is taking 
place on the North and West directions. It is im-

possible to take measurements in the depth of 
14.50 m because of a large displacement which 
doesn’t allow us to determine the shift magni-
tude. 

The same thing was noticed also during the 
measures of BH-8. 

Figure 4.Photo of the inclinometer

Figure 5.Photo of cone protection of inclinometer tube 

Figure 6.Inclinometer displacement from bottom  



We make a periodical monitoring using the 
inclinometers instalized in the slide area,so we 
can be sure that there isn’t any present risk for 
the slope stability and the area of landslide is in 
equlibrum. 

2.4.6 Conclusions

1. The studied zone is composed of qua-
ternary rock deposits composed by gab-
bros, micro gabbros, gabbros diorite and 
basalts with good physical and mechan-
ical characteristics.  

2. The sliding area is an old sliding rock 
mass which has been reactivated in the 
moment of the start of the works for 
building the body of the new road.    

3. The main reasons of this sliding are 
geomorphologic, geologic and artificial 
reasons. 

4. Sliding area is classified in class I (first) 
slope with active landslide. The material 
is continually moving.  

2.5 The investigations of the landslide at km 10 + 
500, section 2, road Rreshen-Kolsh

2.5.1 Geological survey

In the region where this landslide passes there 
is an intensive development of geodynamic phe-
nomenon. In the region where is the wall RW-05 
area are present the deposits of the intrusive ultra 
basic rocks such as peridotite, olivinite and ser-
petinite.This kind of formation is very strong 
have grey to white color are composed pyrox-
enes olivine. The superficial part of these rocks 
has very cracks filled with clay materials with 
different widths and very dense. There have been 
studied all joint and discontinuities. From the 
measurements made the inclination is 45-50o and 
helps a lot the movement. The faces of disconti-
nuities and the shear strength have the same cha-
racteristics as mentioned in the first landslide. 
The main discontinuities are in direction of slant.  

Figure 7.Photo of the rocks geology 

2.5.2 Boreholes and trial pits  

In the area where is located the landslide at 
km 10+500 are made some drills to  instalate the 
inclinometers,tiltmeters and the load cells. 

2.5.3 Laboratory testing   

We have done lots of laboratory works to 
deretmine the physical and mechanical 
characteristics of  rocks in the area of the 
landslide such as bulk density,point load 
test,RCK e.c.t 

2.5.4 Periodical monitoring



The monitoring that we have done in this area of 
landslide is  new in Albania.We are proud of 
being the first company using such proffesioinal 
and secure methods of monitoration.We have 
applied  three types of monitoring in this area 
using: 

1.Inclinometers to meassure the inclination 
with respect to the vertical at specific elevations. 
From the inclinations measurement it is possible, 
through the use of numerical integration me-
thods, to evaluate the displacement. 

Figure 8.Photo during the inclinometer’s reading 

2. Tiltmeters, which provides a direct measure 
of the effect on the structure of complex process 
as for example the soil consolidation with related 
differential settlement, sand liquefaction, water 
table variation, etc. Reading the inclination val-
ues we obtain information on construction stabil-
ity and soil foundation behavior. The most mea-
ningful measurements are the differences among 
the readings in the time. For monitoring purpose 
they can provide very useful information to un-
derstand the behavior or more simply they can 
provide an early warning of dangerous situation 
to activate civil defense actions program. 

3. Anchor load cells used in cable anchor tendon 
and rock bolts monitoring for tunnel, diaphragm 
or retaining wall. Other possible applications are: 
load measurement on pile during testing and op-
eration; load distribution below the steel lining of  

tunnel and under the supports of bridge or via-
ducts. 

Figure 14.Anchor load cells 

2.5.5 Conclusions

1. The studied zone is composed of Quater-
nary and rock deposits composed by peridotite, 
dunite, olivinite and pyroxenes. 

2. The main discontinuities are in direction of 
the slant and the faces of discontinuities are a lit-
tle rough and do not create a lot of resistance on 
the cut. The shear strength along a joint is low.  

3.  According the characteristics of rock we 
recommend the foundations of the wall or the 
bridges with piles because the excavation created 
possibility to activate the sliding of the slops.    

2.6 The investigations of the landslide at km 15+ 
500, section 1, road Rreshen – Kolsh.

2.6.1 Geological survey

In the region where this landslide passes there 
is an intensive development of geodynamic phe-
nomenon. There are present deposits of volcanic 
and sedimentary rocks such as basalt and shale. 
Volcanic and sedimentary rocks are very strong 
have grey to green color are composed pyrox-
enes olivine and plagioclase. The superficial part 
of these rocks has very cracks. From the mea-
surements made the inclination of the slop slid-



ing area is 30-35o at the sliding area is present 
more crack of the surface and helps a lot the 
movement, they are filled with clay material. 

2.6.2 Boreholes and trial pits  

In the area where is located the landslide at 
km 15+ 500 are made 13 drills to  instalate 13 
piezometers.The drills start from 0.00 to 40 m. 

Figure 15.Place in done boreholes 

2.6.3 Laboratory testing  

 We have done lots of laboratory works to 
determine the physical and mechanical 
characteristics of soils and rocks in the area of 
the landslide.  

2.6.4 Periodical monitoring

To make a good monitoring of this landslide 
we have used piezometers.The piezometers are 
used to meassure the water pressure a very 
important data for the stability of slopes and 
structures. 

Figure 17.The cover of piezometers 

2.6.5 Conclusions

1. The studied zone is composed of Quater-
nary and rock deposits composed by shale and 
basalts with good physical and mechanical cha-
racteristics.  

2. The sliding area is an old sliding rock mass 
which has been reactivated in the moment of the 

start of the works for building the body of the 
new road. 

3. Sliding area is classified in class I (first) 
Slope with active landslide. The material is con-
tinually moving; it is fresh formed and very well 
defined.  

4. Definitive precautions will be taken after 
the monitoring for a certain time has finished and 
the geotechnical analyses of the stabilization.  

CONCLUSIONS 

1.The area where Rreshen- Kolsh Motorway 
passes is a valley with problematic geodynamic 
features.There are many landslides in this zone 
and we can categorize them into two big groups: 
rock slides and soil slides. 

2.The rocks lanslides are near the biggest 
tectonic faults. 

3.The soil lanslides are located in the 
colluvium deposits and it is present the 
underground water level. 

4.The geotechnical study of these regions with 
a low stability and the engineering protection are  
effective .This conclusion is reached by the 
continuous monitoring 

5.Albania has a broken relief and the slopes of 
our contry are unstable.After doing the study and 
stabilisation works it is recommandated to have a 
continuous monitoring proccess to have a better 
assessment for the effectivity of the stabilisation 
precautions taken 
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Influence of non-local strain regularization on the 
evolution of shear bands 

B. Schädlich & H.F. Schweiger 
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ABSTRACT 

The numerical analysis of strain softening problems by means of the conventional finite element method is well known to suffer 
from severe mesh dependency, and various approaches have been proposed to overcome this deficiency. Among these, the non-
local approach has received increasing attention over the last two decades due to its relatively simple implementation and me-
chanically plausible assumptions. In this study the consequences of different assumptions for the non-local strain regularization 
are investigated with regard to the evolution of shear bands. A partially non-local approach has been implemented into a mul-
tilaminate constitutive model. The constitutive model employs a Hvorslev surface to describe peak shear strength and dilatancy 
in the heavily overconsolidated range. It is shown that the numerical shear band in biaxial test simulations rotates in softening 
and settles at ~45° if softening is allowed to spread to stress points outside the initial shear band. This contradicts experimental 
findings, which show much steeper and virtually constant shear bands. Limiting strain regularization to stress points at or close 
to failure provides significantly better match with the experimental data. 

Keywords: Non-local approach, Hvorslev surface, multilaminate model, strain softening 

1 INTRODUCTION 

Strain softening, i.e. reduction of shear strength 
with accumulating deformations, is a commonly 
observed phenomenon in geomaterials like rocks, 
dense sands and stiff, overconsolidated clays. 
Due to loosening of the material and destruction 
of the initial soil fabric, the load bearing capacity 
of the soil reduces after the maximum shear 
strength is mobilized, and approaches a critical 
state at sufficiently large deformations. Post-peak 
deformations concentrate in narrow shear bands, 
whose size is governed by the average grain size 
of the material. 

While these effects are well known from ex-
perimental investigations, numerical simulation 
of strain softening e.g. with the finite element 
method is hampered by severe mesh dependency. 
The size of the finite elements provides an inter-
nal length scale, which governs the rate of post-
peak strain softening and the size of the numeri-
cal shear band. Consequently, the numerical sof-
tening behavior is heavily influenced by the 
coarseness of the finite element mesh. 

In this study non-local strain regularization is 
employed to obtain mesh independent results. 
This approach is based on averaging the plastic 
strains in the vicinity of the current stress point. 



The non-local approach is implemented into a 
multilaminate constitutive model which can ac-
count for the shear strength and dilatancy of 
heavily overconsolidated clays. 

The major objective of this paper is to show 
the impact of different assumptions for the non-
local approach on the evolution of shear bands. 
Two versions of the non-local approach are 
compared: The first version employs strain regu-
larization only in the post-peak region, and strain 
averaging is confined to stress points which are 
already in softening. In the second version, regu-
larization is carried out also before peak strength 
is mobilized, and softening can spread to stress 
points which have not fully mobilized their peak 
shear strength yet. Numerical results of biaxial 
test simulations employing both models are 
compared with experimental results and analyti-
cal solutions. 

2 MULTILAMINATE HVORSLEV 
SURFACE MODEL 

The multilaminate constitutive model employed 
in this study is described in detail in [1]. There-
fore only the features relevant for this study are 
reported here. 

2.1 Multilaminate framework 

Multilaminate constitutive models are based on 
the idea that the material behavior can be formu-
lated on a distinct number of so-called integra-
tion planes with varying orientation. Each plane i
represents a sector of a virtual sphere of unit ra-
dius around the stress point and is assigned a 
weight factor wi according to the proportion of its 
sector with regard to the volume of the unit 
sphere. The global plastic strain increment d gl

pl

to a prescribed load increment is obtained by 
summation of the contributions of all planes. 
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2.2 Yield and plastic potentials functions 

Local plastic strain increments d gl
pl are calculat-

ed according to plasticity theory on integration 
plane level. Yield and plastic potential functions 
are formulated in local shear and normal stresses, 
 = ( s

2 + t
2)0.5 and 'n, and local plastic shear 

and normal strains, pl = ( s,pl
2 + t,pl

2)0.5 and n,pl, 
respectively. Yield surfaces are mobilized sepa-
rately on all integration planes in anisotropic 
loading, thus accounting for anisotropy induced 
by plastic strains. 

Three yield surfaces are defined in the model 
(Figure 1). The elliptical, fully associated cap 
yield surface fcap controls the behavior in com-
pression and is defined by the pre-consolidation 
pressure 'nc. In deviatoric loading the shear 
yield surface fcone gets activated, which is con-
trolled by the mobilized friction angle 'm. Non-
associated plasticity is employed for the cone 
yield surface, with the direction of the plastic 
strain increment given by the angle of dilatancy, 

. Mobilization of dilatancy is defined by a cu-
bical function in dependency on 'm [2]. 

The Hvorslev yield surface fHV is connected to 
fcap at the critical state line and can be considered 
as the shear strength envelope on integration 
plane level. 
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Figure 1: Local yield surfaces 
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The Hvorslev surface plots as a straight line in a 
normalized / 'ne vs. 'n/ 'ne diagram (with 'ne
being the equivalent pressure on the local normal 
compression line), defined by the angle 'e
(Figure 2). The position of the Hvorslev surface 
changes with the size of the cap yield surface and 
vice versa. Positive plastic normal strains, caused 
by dilatancy at the Hvorslev yield surface, reduce 

'nc, whereas negative (compressive) plastic 
normal strains from the cap yield surface enlarge 

'nc. Hardening rules of the cap and cone yield 
surface are described in detail in [1]. 

In the heavily overconsolidated range (left of 
the critical state line in Figure 2), dilatancy is 
governed by the distance of the current stress 
state to the critical state line (Figure 3). 

- n'

'm
'CS

max

current normal stress

'max

m

Figure 3: Mobilized and maximum angle of dilatancy 

The maximum angle of dilatancy, max, is ob-
tained from the difference between Hvorslev sur-
face and the critical state friction angle 'CS. As 
the Hvorslev surface reduces in size after the 
peak shear strength is mobilized, strain softening 
is initiated and the soil approaches the critical 
state with m = max = 0. 

2.3 Strain softening 

Strain softening is induced by the evolution of 
dilatant plastic strains, which result in contrac-
tion of the cap and Hvorslev yield surface. The 
plastic strains of the cone and Hvorslev surface 
are summed up and multiplied with the softening 
parameter hsoft to obtain the damage strain di
(equation 9). In a first version of the model (la-

 further on), reduction of 'nc in 
softening is only calculated from the damage 
strain accumulated after peak strength has been 
mobilized (equation 8). Therefore, only plastic 
strains from the Hvorslev yield surface contrib-
ute to strain softening. rsion 
of the model, 'nc is already reduced before the 
initial peak strength is reached due to dilatancy at 
the cone yield surface above the critical state line 
(equation 7). Consequently, failure in the modi-
fied model occurs slightly below the peak 
strength of the reference model (Figure 4).
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Averaged, non-loca
and obtained as explained in the next section. K
is the volumetric hardening parameter, m and pref
are the exponent and the reference stress of the 
stress dependent stiffness [1]. 
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Figure 4: Schematic stress-strain curves of reference and 
modified strain softening model 

3 NON-LOCAL STRAIN 
REGULARIZATION 

A partially non-local approach has been em-
ployed in this study, in which only the damage 
strain d is treated as a non-local quantity. Local 
plastic strains d,k in the neighboring stress points 
k are averaged to obtain the non-local damage 
strain d* of the current stress point. 
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kSP is the number of stress points in the averaging 
area, Vk is the soil volume assigned to stress 
point k, and 'k is the value of the weight func-
tion ' at the stress point k. The weighting func-
tion ' proposed by Galavi [2] is utilized (equa-
tion 12), which assigns zero weight to the current 
stress point. The internal length lcal determines 
the averaging area, and r is the distance of stress 
point k to the current stress point. 

4 BIAXIAL TEST SIMULATIONS 

4.1 Numerical model and material parameters 

Evolution of shear bands is studied in biaxial test 
simulations. The test specimen is 1.0 m high and 
0.5 m wide, with very stiff and fully rough end-
plates at the top and the bottom of the specimen. 
Drained plane strain conditions are applied. After 
applying initial stresses of 'v = 'h = -100 kPa, 
vertical displacement of the top end plate is 
gradually increased. A slight geometric shift of 
the top plate of 1 mm to the right has been ap-
plied to enforce the formation of a single shear 
band. Four different meshes with 84, 158, 334 
and 646 15-noded triangular finite elements are 
used (Figure 5). 

Material parameters are derived from un-
drained triaxial tests on reconstituted, overcon-
solidated Pietrafitta clay [3]. Derivation of the 
model parameters and the comparison of model 
predictions and experimental results is shown in 
[1]. Parameters relevant for the current study are 
listed in Table 1.  

Table 1. Material parameters of Pietrafitta clay 

parameter value 
Eoed,ref 1020 kPa 
Eur,ref 8140 kPa 
pref 100 kPa 
m 1.0 

'cs 30.0°
'e 23.8°
'nc (initial) -2000 kPa 

hsoft 40 
lcal 5 cm 

0.50 m

158 elements 334 elements 646 elements84 elements

Figure 5: Numerical biaxial model and FE-meshes 



4.2 Reference model 

Load-displacement curves obtained with the ref-
erence model for the different FE meshes show 
sufficient regularization (Figure 6). Shear bands 
develop shortly after peak, starting from the 
shear strain concentration at the edges of the end 
plates, and maintain the same inclination 
throughout the simulation (Figure 7). Frictional 
strength and dilatancy predicted by the Hvorslev 
surface model can be back calculated from the 
stress ratio at failure as 'max = 45.3° and max = 
15.3°. The inclination of the numerical shear 
bands to the horizontal is ~63° for all the FE 
meshes. This value is close to the Coulomb solu-
tion ( C ation 13), which is governed 
by frictional strength. The Roscoe solution [4] 
(equation 14), which is based on kinematic con-
siderations, delivers R is signifi-
cantly below the value obtained in the numerical 
simulations. 

2/45 maxC  (13) 

maxR  (14) 

vertical displacement uy  [m]

0.200.150.100.050.00

300
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Figure 6: Load displacement curves with reference model 

4.3 Modified model 

Applying the modified model with non-local 
strain regularization in the pre-peak range also 
delivers virtually mesh-independent load-
displacement curves. Shear band inclinations at 

Figure 7: Shear band evolution with reference model (158 el-
ements) 

residual load level, however, differ notably from 
the results of the reference model (Figure 8) for 
all FE meshes. While the shear band also starts to 
develop from the strain concentrations at the end 
plates at peak, the shear band starts to rotate in 
subsequent loading and approaches  at 
residual load level. That value coincides with the 
Roscoe solution for  = 0. Varying the shear 
strength parameters of the material ( 'CS, 'e) had 
no notable influence on the final shear band in-
clinations. Only when a very small internal 
length lcal was adopted (and the softening param-
eter hsoft scaled down accordingly), the numerical 
shear band maintained its position in softening 
(Figure 9). A much finer FE-mesh had to be used 
in this case to ensure sufficient regularization. 

Figure 8: Shear band evolution with modified model (158 el-
ements) 



Figure 9: Shear band evolution with modified model for lcal = 
1 cm, hsoft = 3 (2440 elements)

5 CONCLUSIONS 

The assumptions made in non-local strain regu-
larization may strongly influence the evolution of 
shear bands obtained from the numerical model. 
If regularization is carried out only at the stress 
points which are already at failure (reference mo-
del), the shear band maintains its initial position 
and does not rotate notably with further loading. 
If regularization is extended to stress points 
which have not yet mobilized peak strength 
(modified model), softening is induced in the 
material adjacent to the shear band. Consequent-
ly, the shear band can easily change its position 
within the sample. In this case, shear bands settle 
at at residual load level, which equals 
the Roscoe solution for  = 0 (critical state).

The tendency of FE simulations to predict the 
Roscoe solution in biaxial test simulations has 
been noted previously by other authors [5], and 
may be related to the rather large thickness of the 
numerical shear band compared to the outer di-
mensions of the numerical model. As shown ana-
lytically by Vermeer [6], kinematic boundary 
conditions become more influential with increas-
ing thickness of the shear band, and hence shear 
bands will evolve along lines of zero extension, 
as predicted by the Roscoe solution. For very 
thin shear bands, static boundary conditions gov-
ern the orientation of the shear band, as predicted 
by the Coulomb solution. Experimental results 
support these considerations. The real shear band 

thickness is known to increase with the average 
grain size. Accordingly, fine sands and clays 
yield shear band orientations close to the Cou-
lomb solution, while coarse grained gravel tends 
to yield the Roscoe solution [7]. In any case, 
however, rotation of shear bands  as obtained 
with the modified model - is not observed exper-
imentally. Reducing shear strength in stress 
points outside the initial shear band therefore 
seems to be not appropriate to model the strain 
softening behavior of geomaterials. 

Despite the distinct differences in the simula-
tion of biaxial tests, the impact of these assump-
tions in the simulation of practical geotechnical 
problems remains to be investigated. In many 
practical cases, the geometry of the shear band is 
governed by geometrical constrains (external 
loads and structures), rather than by material 
properties. In this case it can be expected that 
both versions of the model will predict a very 
similar behavior. 
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